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Many bridges have been damaged during earthquakes. The severity of the recorded
damage varies from column failures and bridge deck collapse due to joint unseating to pile
and abutment foundation failure due to lateral spreading. In most of these cases, soil-
pile-structure interaction (SPSI) has played an important role. SPSI is affected by soil
conditions (e.g., competent soil or liquefiable soil) and loading conditions (e.g., earthquake
intensity, motion characteristics, and shaking orientation). In this context, two bridges with
different soil and loading conditions were considered focusing on different aspects of their
response. One was a two-span portion of a bridge supported by drilled-shaft foundations
embedded in competent soil (dry dense sand) and subjected to shaking in the transverse
direction. The other represented a typical five-span highway bridge system supported by pile
group foundations embedded in liquefiable soils and subjected to shaking in the longitudinal
direction.

In the first part of this research, centrifuge experimental tests and OpenSees numerical
simulations were performed to understand and validate numerical modeling strategies to
capture soil-pile-structure interaction of bridge structures. The study included shaking in
several directions, pile embedment lengths, and various levels of nonlinearity. Sensitivity
studies were conducted for a bent and a single pile to study the effect of soil motion and

p-y spring parameter variation on the superstructure and pile response. For a prototype



bridge model, the soil and p-y spring models verified in the centrifuge simulation study
were coupled with a reinforced concrete bridge model (Ranf 2007, Johnson et al. 2006 and
Ramirez et al. 2007). Using the prototype reinforce concrete bridge model an equivalent-
cantilever approach was investigated to understand appropriate fixity depths and to provide
a reasonable dynamic SPSI approximation for motions with different intensity.

In the second part of this research, the PEER PBEE methodology was applied to a
typical highway bridge system founded in liquefaction-susceptible soils. A comprehensive
numerical model was developed for the bridge system by coupling a well-defined OpenSees
bridge model (Mackie and Stojadinovic 2003) with various types of SPSI modeling compo-
nents, including: pile, pile cap, and abutment structures. Using the comprehensive bridge
model, the global bridge behavior and the effect of lateral spreading on the bridge were
investigated. In this study, various sources of uncertainties were considered, including:
earthquake motion uncertainty, model parameter uncertainty, and soil spatial variability
uncertainty. Motions corresponding to four different hazards are used to evaluate record-
to-record uncertainties. From this study, structural and geotechnical Engineering Demand
Parameters (EDPs) related to bridge damage were identified and relative efficiencies for
several Intensity Measures (IMs) were investigated. Parameters that influence the bridge
performance were investigated through sensitivity analysis and Tornado diagrams. Then,
First-Order Second-Moment (FOSM) analyses were performed to estimate parametric un-
certainties. Gaussian stochastic random fields for clay and liquefiable soils were generated
to investigate spatial variability uncertainties. Using the combined EDP uncertainties with
IM hazard curves and the PEER PBEE framework, EDP hazard curves were developed for
several EDPs.
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Chapter 1

INTRODUCTION

1.1 Background

Many bridges are subject to damage and failure due to earthquake excitations. Figures
1.1 and 1.2 show examples of situations where this damage has resulted in loss of lives and
significant economic losses. The pattern and severity of damage to a particular bridge can
vary depending on bridge structure type and supporting system, including foundation and
ground conditions. The response of soils beneath and adjacent to bridge sites can play an
important role in the level of damage sustained by the bridge. For example, large relative
span movements in the longitudinal direction can cause joint unseating and collapse. These
relative displacements increase with out-of-phase bridge column movement and rotation
of skewed bridge spans. Excessive bridge displacements, such as in viaducts, can lead to
pounding with adjacent structures and cause impact damage. Bridge damage can also result
from column failure due to lack of flexural ductility, or column shear failure, showing plastic
hinges or shear cracking. This damage may become severe when a pile foundation fails due
to liquefaction or lateral spreading, thereby causing a loss of support or extensive lateral

loading on piles, bridge columns, and abutments.

The performance of a bridge system due to seismic excitations may be influenced by
the interaction with its supporting system. When earthquake energy propagates through
the soil, the foundation shaking induces inertial forces in the superstructure which, in turn,
influence the foundation response. This soil-pile-structure interaction (SPSI) effect changes
the actual input motion at the supports and can significantly affect the response of the
bridge.

Although many research studies on SPSI have been done over several decades, the full



(a) Unseating of bridge span, Nishinomiya-ki bridge, Kobe earthquake 1995

(b) Column failure of the Hanshin expressway, Kobe earthquake 1995

Figure 1.1: Bridge failures in recent earthquakes



(a) Abutment failure at Rio Banano bridge, Costa Rica earth-
quake 1990

(b) Loss of support due to liquefaction, Rio Viscaya bridge, Costa
Rica earthquake 1990

Figure 1.2: Bridge failures in recent earthquakes



extent of the interaction mechanisms are not fully understood; particularly when the bridge,
foundation, and/or soil exhibit nonlinear response. Nonlinear response is particularly likely
to occur for the strong ground motions that bridges are designed to resist, and even more
likely when liquefiable soils are present.

This lack of understanding often leads to a significant level of conservatism and sim-
plification in design and analysis. In many cases, foundations are strategically designed to
remain elastic by adding a large amount of excess strength - this conservative approach
avoids the difficulty of post-earthquake inspection and high repair costs (Chai, 2002), but,
adds to design and construction costs. In other cases, structural engineers use simple foun-
dation springs or simplified lateral supporting systems to consider SPSI in their analysis.
In general, these simplifications are not sufficient and/or appropriate to obtain an accurate
estimate of the structural response and performance, especially when highly nonlinear soil
behavior is expected.

As mentioned above, SPSI involves the interaction among three bridge system compo-
nents: the structure, the pile foundation, and the surrounding soil. Understanding of the
interaction effects between these components have often been achieved with partial com-
pleteness in structural laboratory tests without realistic foundation systems, or from pile
loading tests in the field without realistic earthquake loading or superstructure interaction.
Thus, inclusion of all three components with realistic earthquake loading in experiments
and numerical analysis is necessary to understand, not only each interaction component,
but also the global system response. For this reason, centrifuge testing has been one of
the preferred physical modeling techniques, especially for SPSI problems, since various in-
put motions can be applied to full configuration of structures embedded in different soil
conditions.

Modeling of soil-pile interaction in bridges is complicated mainly due to the slenderness
of typical pile configurations and the nonlinear behavior of the surrounding soils. Rigorous
numerical simulations of the interaction problem require three-dimensional (3-D) dynamic
finite element models (FEM) capable of accurately representing the nonlinear, inelastic be-
havior of both soils and structural materials. However, 3-D simulations are still computa-

tionally expensive and require the use of advanced constitutive models and robust interface



contact elements between the soil and pile. As an alternative, Winkler foundation spring
models have been widely used in practice. Even using the simplified Winkler approach, the
structural modeling of an entire bridge/foundation/soil system is not a simple task since it
still requires good 2-D or 3-D nonlinear structural models, as well as soil models capable
of representing the soil behavior, including liquefaction and/or large strain effects accu-
rately. Additional problems arise in coupling all the required components (i.e., soil, pile,
and structure) in an analysis. This is particularly important in cases where the structure is
not oriented to the primary axis of earthquake shaking, when nonuniform pile lengths are
used, or where highly nonlinear response such as that produced by liquefaction or lateral
spreading is expected.

Moreover, in current seismic design and assessment, instead of looking for a binary deci-
sion (i.e., safe or unsafe), the performance of the structural and geotechnical system becomes
more meaningful, particularly to owners or other stakeholders when it can be expressed in
terms of a continuous measure of performance. Reliable estimation of performance depends
on using well-defined structural/geotechnical models that can account for soil-pile-structure
interaction effects, as well as, uncertainties in earthquake motions and soil properties. These
requirements lead to extensive numerical exercises based on advanced analytical tools and
probabilistic methods. In this context, the Pacific Earthquake Engineering Research Center
(PEER) has developed a probabilistic framework and analytical tool (OpenSees) that pro-
vides the necessary means for performance-based evaluation. This framework is capable of
describing both physical damage and earthquake losses considering a wide range of ground
motion hazards and soil-structure response levels. It thereby provides a more complete and
consistent picture of bridge performance than the procedures upon which current bridge
design is based.

In PBEE methodologies, which usually involve the evaluation of seismic hazards and
economic losses, the characterization of uncertainties in each of a series of interim steps is
important since they all influence the final results. In particular, the uncertainties in the
relationship between ground motions and bridge response depend on the manner in which
the ground motion is defined and the accuracy with which the response can be computed for

a given measure of ground motion intensity. Reducing uncertainty in these quantities leads



to smaller uncertainties associated with earthquake motion and more economic designs.
The PBEE evaluation should include several sources of uncertainties including earthquake
motion uncertainties, model parameter uncertainties, spatial variability uncertainties, and
analysis model uncertainties.

Mackie and Stojadinovic (2003) performed PBEE analyses for typical highway bridges
founded on good soil conditions and demonstrated the application of the PEER PBEE
methodology to bridges including important aspects of bridge behavior. However, for per-
formance estimation of a bridge system with realistic soil conditions, including liquefaction-
susceptible soils, appropriate modeling of soil-pile-structure interaction and soil-abutment-
bridge interaction under lateral spreading is needed to accurately estimate the bridge re-
sponse and to capture realistic force boundary conditions at the pier base and bridge deck
ends. This could lead to the identification of global damage mechanisms, which would not

be captured by the simplified analyses commonly used in contemporary practice design.

1.2 Objectives of the Research

In this context, this dissertation aims to develop an improved understanding of soil-
pile-structure interaction (SPSI) in bridge structures for more accurate estimation of bridge
performance. A secondary goal is to validate approximate methods for SPSI by calibrating
its parameters against data obtained from a series of high-quality centrifuge tests. The
final objective is to estimate bridge performance hazards considering several sources of
uncertainties using the PBEE framework developed by the Pacific Earthquake Engineering
Research (PEER) center.

To achieve these goals, two bridges with different soil conditions and loading conditions
were considered focusing on different aspects of their response. The first bridge was a two-
span portion of a bridge supported by drilled shaft foundations embedded in competent soil
(dry dense sand) and subjected to shaking in the transverse direction. The second bridge
represented a typical five-span highway bridge system supported by pile group foundations
embedded in liquefiable soils and subjected to longitudinal shaking.

For the first bridge study, several centrifuge experimental tests and numerical simulations

using the OpenSees finite element program were performed to understand and validate the



modeling of soil-pile-structure interaction of bridge structures. For the second bridge study,
SPSI mechanisms of the bridge structure subjected to lateral spreading were investigated
and the PEER PBEE methodology was applied considering various sources of uncertainties
from earthquake motions, model parameters, and soil spatial variability. Details of the tasks

required to complete each objective are summarized below.

1.2.1 Study of a Bridge in a Good Condition of Soil

A bridge founded in dry sand would normally be thought of as being relatively straight-
forward to design (in the case of a new bridge) or evaluate (in the case of an existing bridge).
Nevertheless, the experimental and analytical investigation of a bridge founded in such de-
sirable soil conditions can help identify and understand the basic mechanisms of soil-pile
interaction and their effects on structural response. The main elements included in this

study are:

1. Investigation of the behavior of the two-span bridge and several bent structures to
various levels of earthquake motion. The investigation considered several complicated
conditions that can be encountered in a bridge structure, by performing centrifuge

tests and numerical simulations using the OpenSees finite element platform.

2. Validation of dynamic Beam-on-Nonlinear-Winkler-Foundation (BNWF) models based
on conventional p-y springs for typical earthquake scenarios using the results obtained

from centrifuge experiments and numerical simulations.

3. Evaluation of p-y spring parameter sensitivities on the response of bent structures to

improve the confidence on the use of p-y springs using the verified numerical model.

4. Investigation of an Egquivalent-depth-of-fizity method to provide a reasonable SPSI
approximation and to understand the effect of motion intensity on the appropriate

fixity-depth using a calibrated reinforced concrete bridge model (Ranf, 2007).



1.2.2  Study of a Bridge Subjected to Lateral Spreading

Because bridges are often constructed to cross bodies of water, they are frequently
located in areas susceptible to soil liquefaction. Reliable design/evaluation of such bridges
requires that the complicated effects of liquefaction be considered. Liquefaction affects many
aspects of the seismic performance of bridges - it affects earthquake ground motions, it
affects soil-pile interaction, and it introduces damage mechanisms that would not otherwise
exist. Evaluation of the performance of a bridge on liquefiable soil provides an even more
rigorous set of conditions under which to evaluate performance, and allows evaluation of
the additional level of damage associated with liquefaction. The main elements included in

this study are:

1. Development of a comprehensive numerical model of a complete bridge system in
liquefaction-susceptible soil, including various SPSI modeling strategies for several
bridge components such as pile groups and abutment structures. This model was
intended to capture appropriate local and global bridge behavior and bridge damage

mechanisms.

2. Use of the bridge model to obtain various sources of uncertainties from earthquake
motions, model parameters, and spatial variability in bridge performance estimation

considering a range of near-fault motions.

3. Identification of efficient Intensity Measures (IMs) as measures of bridge response in

order to reduce the record-to-record uncertainty.

4. Integration of all bridge performance results and uncertainties with seismic hazard in

a PBEE framework to evaluate the bridge performance hazard.

1.3 Dissertation Organization

Chapter 2 presents a review on p-y curves for different soils, the effects of liquefaction

and lateral spreading on soil-pile interaction, and of factors that influence pile response.



The chapter also describes the response of pile groups with pile cap and abutment-soil
interaction. A brief introduction to ¢-z and ¢-z curves is also included.

Chapter 3 reviews the PBEE methodology developed by the Pacific Earthquake Engi-
neering Research (PEER) Center, considerations for ground motion selection, and numerical
integration of uncertainties in the PBEE framework.

Chapter 4 describes the series of centrifuge tests performed for several bridge structures
and their numerical modeling using OpenSees.

Chapter 5 presents centrifuge experimental test results and their corresponding numer-
ical simulations for a two-span bridge, a two-column bent, and single pile structures.

Chapter 6 presents centrifuge experimental test results and their corresponding numeri-
cal simulations for a variety of structures including bents subjected to different orientations
of shaking, and bents and single pile structures with different pile embedment lengths.

Chapter 7 describes an investigation on the equivalent fixity-depth that provides reason-
able estimate of SPSI. These analyses were based on the simulation of a prototype bridge,
which included the soil and p-y spring model verified in the centrifuge test and a calibrated
reinforced bridge model.

Chapter 8 describes a target bridge system on liquefiable soil and its numerical modeling
in OpenSees. The global and local response of the bridge system is presented in detail.

Chapter 9 describes a PBEE evaluation of a bridge system on liquefiable soil subjected
to ground motions corresponding to four hazard levels. A variety of factors contributing
to uncertainties in ground motions and bridge response are investigated and described.
By combining these uncertainties and including the seismic hazard in the PEER PBEE
framework, EDP hazard curves were developed for several bridge EDPs.

Chapter 10 presents a summary and conclusions of this research and recommendations
for future research.

Appendix A presents results of a sensitivity study on p-y spring parameters for bents

and single pile structures.
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Chapter 2

SEISMIC SOIL-PILE-STRUCTURE INTERACTION ON BRIDGE
STRUCTURES

2.1 Introduction

Typical bridges consist of the bridge structure, pile/drilled shafts or spread footing
foundations, abutment structures, and the supporting soil. During earthquakes, the indi-
vidual components interact with each other and affect the global response of the bridge.
In this literature review, relevant aspects related to lateral soil-pile interaction and soil-
abutment-bridge interaction are discussed. Since p-y curves are important in modeling
soil-pile-structure interaction, this topic is covered in detail. Other topics reviewed in this
chapter includes the lateral response of piles and pile groups, soil-pile-structure interaction

associated with structural stiffness, and soil-abutment-bridge interaction.

2.2 Soil-Pile Interaction Modeling

Soils and pile foundations interact with each other under both static and dynamic load-
ing conditions. The interaction is complex, and complete evaluation requires resources that
are rarely available to practicing engineers. As a result, simplified models, which attempt to
capture the main aspects of soil-pile interaction, have been developed. These models have
been shown to work well for static and relatively slow cyclic loads (such as wave loads, typ-
ically encountered in pile-supported offshore structures), and can also be applied, with con-
sideration of inertial effects, to problems including seismic soil-pile interaction. This section
introduces the static/dynamic Beam-on-Nonlinear-Winkler-Foundation (BNWF) method,

often referred as p-y method, which is commonly used to model soil-pile interaction.
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.—? superstructure
pile head

free-field
soil column
response

nonlinear p-y springs
and dashpots
horizontal base input motion

(a) BNWF model (b) Dynamic BNWF model - after Boulanger et al.
(1999)

Figure 2.1: Static and dynamic Beam-on-Nonlinear-Winkler-Foundation (BNWF) model

2.2.1 Static and Dynamic Beam-on-Nonlinear- Winkler-Foundation (BNWF) Models

The analysis of laterally loaded piles is complicated due to the long and slender configu-
ration of piles, the nonlinear response of the surrounding continuous soils, and the interface
where the soil is in contact with the pile. Rigorous simulation of the interaction problem
requires three-dimensional (3-D) finite element models (FEM), which are computationally
expensive, and require the use of advanced constitutive models to capture localized soil
response. They also require the use of robust contact elements to capture soil and pile in-
teraction effects such as gapping and sliding [e.g., Petek (2006)]. As an alternative, Winkler
foundation models have been widely used in practice. In these models the pile is treated as a
beam supported on a Winkler spring foundation, i.e., a series of independent horizontal and
vertical nonlinear springs distributed along the pile. For this reason, these models are often
referred as Beam-on-Nonlinear- Winkler- Foundation (BNWF) models. Figure 2.1a shows a

schematic of a BNWF model.

During earthquakes, shear waves propagate through the soil applying kinematic forces

to the pile foundation. The foundation shaking induces inertial forces in the superstructure.
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The inertial forces affect the foundation response and the soil movement. The soil motion
around the pile, where soil-pile interaction occurs, is referred to as near-field motion. The
soil motion recorded far from the pile is referred as far-field or free-field motion. In coupled
simulations, where the pile and soil are connected together by interface springs, it is assumed
that a soil column provides the free-field motion and the soil-pile-structure interaction occurs
at the interface springs. Alternatively, free-field motions can be calculated separately along
the pile depth and the corresponding displacement time histories can be applied to p-y
springs. This idea is illustrated in the dynamic Beam-on-Nonlinear-Winkler-Foundation

(BNWF) model shown in Figure 2.1b.
2.3 P-y Curves

To completely define the BNWF model it is important to establish accurate p-y curves.
In this section two cases are considered: i) a pile subjected to monotonic and cyclic loads
at the pile head, and ii) a pile embedded in liquefiable soil and subjected to earthquake
excitations and lateral spreading. To analyze the first case, conventional p-y curves are
introduced. For the earthquake problem, since there are not yet well-established p-y curves

for liquefiable soil, several experimental observations are discussed.

2.3.1 Conventional p-y Curves for Piles Subjected to Static and Cyclic Loading

To capture the lateral response of piles, soil reaction force versus pile displacement (i.e.,
p-y) relationships are commonly used together with beam elements in static and dynamic
BNWF models. In general these curves are based on field tests, laboratory model tests, and
analytical solutions. The pile displacement (y) and soil resisting force per unit length (p) can
be back-calculated from measured or calculated bending moments by double-differentiating

and double-integrating the governing equilibrium differential equation. That is,

p= d—M(z) (2.1)

22
and, assuming linear bending behavior,

& M(z)
d2Y " TEI

(2.2)



13

where p is the lateral resistance on the pile, y is the lateral pile displacement, M is the
pile bending moment, EI is the flexural rigidity of the pile, and z is the vertical distance
measured along the pile. Many researchers have performed static and cyclic lateral load tests
on full-scale and model piles in different soils with the purpose of evaluating p-y curves -
e.g. Matlock (1970) for soft clay, Reese et al. (1974) for sand, Reese et al. (1975) for stiff
clay below the ground water table, Reese et al. (1981) for stiff clays above the ground water
tables, etc. As a result, several p-y curve criteria have been proposed for sands and clays.
Additional field load tests and analytical and numerical evaluation of p-y response have
brought more confidence to the use of these curves (Reese et al., 1981). Although there is
some criticism of the BNWF model due to its limitations for capturing all soil continuum
effects (in particular the coupling between p-y and t-z springs), the back-calculated p-y
curves themselves reflect the continuum condition and have been successfully used in many
projects. Wang and Reese (1998) suggested that the error incurred using discrete curves is
a second-order effect; taking into account the difficulty of precisely predicting the relevant
properties of the soil, especially next to the pile where the soil properties are strongly

affected by the pile installation problem.

Back-calculated p-y Curves for Sand, Stiff Clay, and Soft Clay

Figures 2.2 and 2.3 show back-calculated p-y curves for cohesionless and cohesive soils
obtained from field tests. The envelope curves can be characterized mainly by their initial
stiffness and ultimate resistance; which is mobilized at large displacements. The initial
stiffness and ultimate soil resistance increase with depth in a uniform granular soil; since
the soil stiffness and confinement increase with depth. The characteristics of the p-y curve
depend on soil type, loading condition, and ground water location since they reflect the
nonlinear shearing characteristics of the soil. Figure 2.2 clearly shows the ultimate lateral
soil resistance of a sand under cyclic loading is smaller than that obtained for static loading.
This pattern is more clear in stiff clays, as shown in Figure 2.3. However, the difference
between sand and stiff clays subjected to cyclic loading is that the ultimate resistance of

sands stays constant after a peak value is reached while the ultimate resistance in stiff clays
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Figure 2.2: Back-calculated p-y curves for sand from field tests - after Reese et al. (1975)

decreases significantly after the peak value.

In soft clays, the soil resistance increases with pile displacement reaching a constant
ultimate resistance under static loading, while the ultimate resistance becomes smaller under
cyclic loading. An important feature observed in soft clays subjected to cyclic loading is the
formation of gaps between the pile and the soil near the ground surface. Figure 2.4 shows
experimental p-y curves for soft clays subjected to cyclic loading.

From experimental observations, Reese, Matlock, and other researchers proposed several
p-y curve construction methods for various soil types, ground water conditions, and loading

types. Details on these methods are summarized in the following subsections.

Initial Stiffness of p-y Curves

The initial stiffness of p-y curves may have little consequence for most pile analysis
(Reese and Van Impe, 2001). The reason is that when a pile is subjected to large lateral
loading, most of the reaction occurs near the ground surface where the mobilized lateral soil
resistance is close to the ultimate resistance; which is mobilized at displacement levels that
are beyond the initial p-y curve portion. The cases where the initial p-y curve stiffness can

be important is when piles are subjected to vibratory loading or when piles are installed in
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Figure 2.3: Back-calculated p-y curves for stiff clay from field test - after Reese et al. (1974)
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Table 2.1: Representative values of €59 for normally consolidated clays - Peck et al. (1974)
- after Reese and Van Impe (2001)

clay average undrained shear strength, (kPa) €50

soft clay < 48 0.020
medium clay 48 - 96 0.010
stiff clay 96 - 192 0.005

Table 2.2: Representative values of €59 for overconsolidated clays - after Reese and Van Impe
(2001)

average undrained shear strength, (kPa) €50
overconsolidated 50 - 100 0.007
clay 100 - 200 0.005
300 - 400 0.004

brittle soils.
The initial stiffness is often defined in terms of indirect parameters. For clays, the
displacement at which half of the ultimate soil resistance is mobilized, called ysg, is used to

define the initial p-y stiffness. y5¢ for clays is usually defined as
yso = 2.5 £50 D (2.3)

where, €59 represents the strain corresponding to one-half of the undrained strength and
D is pile diameter. Tables 2.1 and 2.2 present typical €59 values for normally- and over-
consolidated clays.

For sands, Reese et al. (1974) suggest an initial p-y stiffness equal to kp, times depth.

Table 2.3 presents typical k,, values for sands.

Ultimate Resistance of p-y Curves

Ultimate soil resistances are calculated using two simple mechanisms based on limit

equilibrium analysis. For near-surface p-y curves, a three-dimensional sliding surface wedge
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Table 2.3: Representative values of kpy for sand - after Reese and Van Impe (2001)

kpy for submerged sand kyy for above GWT
loose sand 5.4 MN/m3 6.8 MN/m3
medium sand 16.3 MN/m3 24.4 MN /m?3
dense sand 34.0 MN/m? 61.0 MN/m?

is considered. For deeper p-y curves, a two-dimensional flowing soil failure mode around
the pile in a horizontal plane is considered. In both cases, the ultimate resistance is a
function of pile diameter, depth (or overburden), and soil strength parameters. Matlock
(1970) proposed ultimate resistance expressions for clays. In his analysis Matlock recog-
nized the ultimate resistance for clays at deeper depths is strongly affected by cohesion and
pile diameter and it is insensitive to depth. Therefore, the following expressions were pro-

posed to evaluate the ultimate resistance for piles in soft clays at shallow and deeper depths.

!
[3 + V—J] ¢y b for shallow depths
Cy 2+ 5 %

Pult = (2.4)

9cy, b for deeper depths

where 'y/ is the average effective soil unit weight, ¢, is the undrained shear strength of the
soil at depth z, b is pile diameter or width, and J is an experimentally determined coefficient
(0.5 for soft clay and 0.25 for medium stiff clay).

Similarly, Reese et al. (1974) suggested ultimate resistance expressions for sands. In
their analysis, theoretically calculated values (p;) are factored by experimental coefficients

that vary with loading type and depth. The expressions for ultimate resistance are

As ps  for static loading
Duyit = (2.5)

A. ps for cyclic loading

where A; or A, are experimental factors associated with loading type and depth (Reese

et al., 1974). The value of p, is calculated by
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( Kyztan ¢sin 8 tan 3
7z[tan(ﬁ—¢)cosa tan(ﬁ_¢)(b+ztanﬁtana)
Do = +Koz tan B(tan ¢sin 8 — tan o) — Kb for shallow depths (2.6)
s — .
| K byz(tan® B — 1) + Kobyz tan ¢tan*s for deeper depths

where o = ¢/2; 8 =45+ ¢/2; K¢ = 0.4, K, = tan?(45 — ¢/2), b = pile diameter or width,
¢ = soil friction angle at depth z, and 7’ = s0il unit weight.

Recently, Zhange et al. (2005) proposed a method to calculate the ultimate soil resistance
for cohesionless soil considering the normal and side resistance that develops around the pile.
To evaluate the normal resistance, they suggested a method originally proposed by Fleming
et al. (1992) such that p, = Kg ~v z b. To evaluate the side resistance an additional term is
included. The total ultimate resistance is then expressed as

pu=(nK3'yz+§Kyztan5)b (2.7)

where, n = 0.8 and £ = 1.0 for a circular pile; n = 1.0 and & = 2.0 for a square section pile
(Briaud and Smith, 1983), 6 = interface friction angle between pile an soil, and b = pile
diameter. In their study, they compared several small-scale pile tests and centrifuge test
results performed by Barton and Finn (1983). Their results showed that Broms (1964a)’s
ultimate resistance expression, as shown in Figure 2.6, underpredicts the ultimate lateral re-
sistance at all depths while the method of Reese et al. (1974) underpredicts ultimate lateral
resistances at shallower depths, but overpredicts the ultimate lateral resistance at deeper
depths. Figure 2.6 compares patterns of several suggested ultimate lateral soil resistance

distributions for cohesionless soil.

2.3.2 p-y Curves for Liquefiable Soil

In the previous subsection, conventional p-y curves were introduced. These curve were
developed mainly from experimental tests where the pile head was loaded monotonically
or cyclically. Since the applied loading rate was slow in most cases, there was no excess

pore water pressure built-up in the saturated soil around the pile. However, when a pile is
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subjected to earthquake shaking, the soil around the pile may liquefy, if susceptible, and
the soil resistance may change due to pore water pressure generation. This is an important
aspect, particularly for deep foundations on liquefiable soils. In this section, recent studies

on the lateral resistance of piles in liquefiable soil are discussed.

Back-calculated p-y Curves for Piles in Level Ground Liquefiable Soils

When the soil around a pile is liquefied the soil resistance around the pile changes. To
better understand these changes several types of dynamic experiments have been recently
performed including: i) centrifuge tests (Dobry et al., 1995; Wilson et al., 2000), ii) large
scale laminar shear box shaking tests (Tokimatsu et al., 2001), and iii) full scale field blasting

tests (Rollins et al., 2005; Weaver et al., 2005; Berber and Rollins, 2005).

Among the results obtained from these tests, it is worth examining the p-y curves back-
calculated from the centrifuge tests performed by Wilson et al. (2000). Some of these results
are shown in Figure 2.7. The figure illustrates observed p-y curve pattern in liquefiable soils.
In these tests, different soil densities were used. From these results it was observed that the
lateral soil resistance was similar to that observed during undrained tests, showing degra-
dation and hardening of the lateral soil resistance due to pore water pressure generation
and dissipation. After liquefaction, denser sands showed larger lateral resistance than loose
sands. Medium dense sands showed a progressive softening of lateral resistance with pore
pressure increase with number of cycles, especially near the ground surface. The p-y behav-
ior was softest when the pore pressure ratio was high and when the lateral displacements
were smaller than those corresponding to past peak values. When dilation occurred at
large pile displacements in medium dense to dense sands, the lateral soil resistance against
pile increased to a level that was sometimes greater than the ultimate resistance of the
non-liquefiable soil. This effect can be correlated to the pore pressure drop associated
with dilation under rapid, undrained loading conditions. In addition, the lateral resistance
was affected by the amount of pile displacement, loading rate, and degree of pore pressure

dissipation. Similar patterns were observed in other experimental tests.
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Lateral Soil Pressure on Piles due to Lateral Spreading

When a soil in a slope, or at the base of a slope, undergoes liquefaction, the driving shear
stresses induced by gravity in the soil deposit may cause permanent strains to accumulate
in one preferential direction, and thereby lead to lateral spreading. The accumulated soil
deformation during shaking can induce large amounts of kinematic forces on the pile foun-
dation, which may result in severe damage to foundations and structures such as a bridges

or port facilities.

To analyze piles subjected to lateral spreading, the lateral force induced by the liquefied
layer must be considered. This can be done assuming a constant pressure distribution
independent of the amount of soil displacement, or by using spring forces that depend on
imposed soil displacements. In both approaches, the lateral force applied to the pile depends
on the liquefied soil properties, distribution of soil displacement, and the velocity of the
lateral flow (Wang and Reese, 1998). Among these factors, the strength of the liquefied soil

is most important.

To estimate the liquefiable soil resistance, the conventional soil resistance without lique-
faction is scaled by a p-multiplier that account for a simplified distribution of pore pressure
ratio along the pile. p-multipliers for fully liquefied soils vary depending on the test condi-
tions (Dobry et al., 1995; Wilson, 1998). For example, the Japan Road Association (JRA,
2002) guidelines suggests a 30% of total overburden stress times pile diameter for the lateral
pressure imposed by the liquefiable soil with an additional reduction factor associated with

the distance from the waterfront.

Another way to estimate the kinematic load on the pile from lateral spreading is to
assume that the liquefied sand behaves as an undrained soil with a certain residual shear
strength. Among several ways to estimate the residual strength, the in-situ test approach
is commonly used. This method is based on correlations between SPT resistance and back-
calculated shear strengths from flow slide case histories (Seed, 1986; Stark and Mesri, 1992;
Seed and Harder, 1990). Figure 2.8 shows one of these correlations. Unfortunately, this ap-
proach includes considerable uncertainties due to the variability of soil and stress conditions

in the case histories.
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Figure 2.8: Relationship between residual strength and corrected SPT resistance (Seed and
Harder, 1990)

As another approach, the use of normalized shear strengths (.S, / a;o) is widely accepted
and has shown to have several advantages. However, normalized shear strengths vary con-
siderably for different soils (Kramer, 1996).

As an improved in-situ method approach , Kramer (2006) proposed a hybrid residual
strength model that accounts for uncertainties using different weights that depends on

documentation quality. The probabilistic form of the residual strength in this hybrid model

is expressed as

S.(P) =exp[InS, + ® YP)ops,] (2.8)

where,

InS, =-8.444 + 0.109 N + 5.379 (0,,)%?
Olns, = \/U?n + 0.00073 N" COV +4.935 (04)02 COV?

v0

02, = 1.627+0.00073 N +0.0194 N — 0.027 N (0, )% —3.099 (0 )1 +1.621 (5 )2

P = the probability of non-exceedance (i.e. the percentile value)
0, = vertical effective stress in atm

N = (N1)go
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COVy = 0.3
COV,, = 0.05

Approximation of Liquefiable p-y Curves

As discussed previously, the lateral resistance of liquefiable soil against piles cannot be
simply defined using conventional p-y backbone envelopes. Moreover, the resistance is found
to be strongly correlated to the characteristics of the undrained soil behavior; which depends
on density, displacement history and displacement level, depth (i.e., confining pressure), and
other factors. Several researchers have tried to encapsulate these effects within the pore
pressure ratio, 7, and establish approximate p-y curves based on this parameter; since the
pore pressure change and phase transformation effects (contraction and dilation) governs
the undrained soil behavior. In this approximation, the lateral resistance is assumed to be
inversely proportional to pore pressure ratio (r,) in a degradation parameter (often also
called p-multiplier).

Dobry et al. (1995) used this inverse relationship to capture the response observed
in centrifuge pseudo-static tests of single pile embedded in liquefiable leveled ground soil
(D, = 40%). Using measured pore pressure ratio distributions with depth to evaluate the
degradation of the p-y curves, pile bending moments were predicted reasonably well. Using
a similar approach, Wilson (1998) concluded that p-multipliers ranging from 0.1 to 0.2 for
D, =~ 40% and from 0.25 to 0.35 for D, ~ 55% in pseudo-static analysis give reasonable
results for representative peak loading cycles on a single pile. In a recent work Brandenberg
(2005) recommended more refined p-multiplier values to account for liquefaction effects in
pseudo-static analysis for different (N1)gg—cs. These values are shown in Table ?7.

Boulanger et al. (2004) performed nonlinear FEM analyses for one of Wilson(1998)’s
centrifuge test for a single pile in liquefiable soil. In their finite element model the p-y
springs were connected to adjacent soil elements to transfer pore pressure ratio information.
The ultimate capacity and tangential stiffness were scaled by a factor of (1-r,). Their

results, particularly those corresponding to the soil profile and superstructure, agreed very
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Table 2.4: Recommended p-multipliers for pseudo-static analysis - after Brandenberg (2005)

(N1)so—cs myp

<8 0to 0.1
8-16 0.1 t0 0.2
16 - 24 0.2 to 0.3
> 24 0.3 to 0.5

well with the experimental results showing reasonably good ability of the model to capture

the principal features of the response observed in the centrifuge.

2.4 Pile Response to Lateral Loads

In the preceding section, characteristics of conventional p-y curves were discussed focus-
ing on initial stiffness and ultimate soil resistance. Although Figures 2.5 and 2.6 illustrate
the distribution of ultimate lateral resistances with depth, the actual lateral soil resistance
may not follow the full ultimate resistance distribution over the pile depth. In most cases,
pile deflection, especially for long flexible piles, is greatest near the ground surface and large
portions of the lateral soil reaction occurs near the surface. Therefore, maximum bend-
ing moments occur near or around 1.25D to 3.3D from the surface (Chai and Hutchinson,
2002). During earthquakes, piles are also subjected to inertial loading in addition to kine-
matic loading. The inertial loading affects predominantly the response of the soil and pile
near the ground surface, while the kinematic loading influences the pile response over its
lengths; depending on the soil conditions where the pile is embedded and their earthquake
response characteristics such as lateral resistance degradation due to liquefaction and lat-
eral spreading. This section discusses the response of piles to monotonic and cyclic loads

including details on pile response in layered soils with liquefiable soil.
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2.4.1 Pile Response due to Static/Cyclic Lateral Load and Load Transmission

When the load applied to a pile head is increased, the load is transmitted to the soil. If
the soil resistance near the surface reaches an ultimate state, the deeper soil takes additional
loading. This resistance (re-)distribution process is related to pile stiffness and yielding.
When the pile stiffness is high relative to the soil, the pile tends to show a smaller curvature
and the soil resistance is mobilized to deeper depths. However, once the pile bending moment
is close to the yield moment, a plastic hinge is generated and the lateral load transmitted to
deeper depths becomes smaller. Since piles usually don’t reach the ultimate bending moment
at the initial yielding location and the soil yielding extends progressively downward with
increased loads, the plastic hinge location spreads out, rather than remaining concentrated

at the initial location (Gerolymos and Gazetas, 2005).

2.4.2 Pile Response Under Pile Head Load

Using simple ultimate soil resistance diagrams (i.e., constant ultimate resistance with
depth in clay and linearly increased ultimate resistance with depth in sand as shown in
Figures 2.5 and 2.6), Broms (1964b) and Broms (1964a) calculated maximum lateral pile
head forces and bending moments for different possible failure modes using different pile
lengths (short, intermediate, and long), soil types (cohesive and cohesionless), and pile head
conditions (free and fixed). In Broms study, pile length, pile head condition, and soil type
give different soil reaction patterns and pile bending moment distributions. For example,
short piles mobilize full soil resistance, whereas long piles mobilize ultimate soil resistance
only near the ground surface. The bending moment distribution is also affected by the pile

head fixity.

2.4.8 Pile Response During Lateral Spreading

The pile bending moment distribution mainly depends on the boundary forces that
develop along the pile length. During an earthquake, kinematic loads cause large pile
bending moments at the interface between layered soils; where large levels of shear strain

concentrate due to different soil stiffness. In many cases, large pile bending moments and
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Figure 2.9: Pile foundation failure of Yachiyo bridge due to kinematic loading - after Hamada
(1992)

failure have been observed at the interface between these layers. Figure 2.9 shows an example
where pile failures occurred at the soil layer interface. Large bending moment concentrations

at soil layer interfaces are more obvious when one of the soil layers is liquefied.

When a soil over a non-liquefiable soil is liquefied, the lateral soil resistance varies with
the degree of liquefaction. In these cases the underlying non-liquefiable soil may control
the pile response due to its rotational restraint effect; which is associated with pile rigidity
and embedment length. For this reason, the location of the interface between liquefiable
and non-liquefiable layers and the combination of liquefiable and non-liquefiable layers are
important factors to evaluate pile response. From centrifuge tests where lateral spreading
was considered using different liquefiable layer combinations, Abdoun et al. (2003) observed
that maximum bending moments occurred at the interface between the liquefiable and non-
liquefiable layers. After the pile bending moment reached a peak value, the moment value
decreased with the pile bouncing-back. They also observed that a floating pile installed
in a non-liquefiable layer over a liquefiable layer had a maximum bending moment at the

top of the liquefiable layer since displacements at the upper non-liquefiable soil exceeded
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that of the liquefied lower layer. In cases where piles were embedded in three layers (non-
liquefiable layer over liquefiable layer over a non-liquefiable layer), large maximum bending
moments occurred at the layer interfaces (i.e. at the top and bottom of the liquefiable
layer) although the larger maximum values occurred at the lower interface. In these cases,
it was also observed that the measured bending moment distribution within the liquefied
layer was nearly linear showing little contribution to the pile bending moment from the
liquefied soil pressure. Another observation was that soil densification due to pile driving
resulted in larger bending moments than those in cast-in-place piles due to the fact that

the densification increased the initial effective stress around the pile.

2.5 Pile Group Response to Lateral Loads

Pile groups consist of rows of piles whose heads are connected by a rigid pile cap. The
lateral capacity of pile groups depends on the individual pile capacities, pile spacing, pile

installation method, pile cap resistance, and other factors.

2.5.1 Group Effect

The efficiency of an individual pile in a pile group (compared to a single isolated pile)
varies mainly depending on pile spacing, pile alignment, and location of the pile in the
group. When piles in a group are closely spaced, lateral pile movements affect the soil
stresses around the adjacent piles. Figure 2.10 shows two possible pile alignments: in-line
and side-by-side. In in-line alignments, a front pile (or leading pile) takes more load than the
others and the rear pile (trailing pile) mobilizes less soil resistance. This effect is referred as
shadow effect. In side-by-side alignments, corner piles located at the corner or at the edge
of a pile group take a greater share of the load than the interior piles. This is particularly
noticeable when piles are closely spaced. This effect is referred as edge effect.

To capture the response of piles in a pile group, group efficiency factors are included
in the p-y curves using p-multipliers (Brown et al., 1988). To evaluate these p-multipliers
several researchers have performed experimental tests on pile groups using different pile
group sizes (i.e., number of rows and piles per row), pile spacing, pile cap rotational con-

ditions, and soil type and density. Mokwa (1999) studied pile group behavior and pile cap
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Figure 2.10: Schematic of pile alignment in a group

resistance and completed a comprehensive literature review using 350 journal articles and
other publications, including 37 experimental studies (15 full-scale tests, 16 1-g model tests,
and 6 centrifuge tests) and approximately 30 analytical studies. Base on these studies, he
concluded that pile spacing is the dominant factor affecting pile group response and that
group effects are negligible when the center-to-center pile spacing is greater than 6D in in-
line configurations or greater than 3D in the side-by-side configurations. He also concluded
that soil type and density does not affect significantly the pile group efficiency, and that
efficiency decreases with increasing displacement and becomes constant after a deformation
of 5 % of pile diameter. He also developed relationships to estimate pile group efficiencies
and p-multipliers as a function of pile arrangement and pile spacing. Figure 2.11 shows
Mokwa’s p-multipliers for leading and trailing rows. Other group efficiency values versus

pile spacing for different pile alignments in a pile group can be found in Mokwa (1999).

2.5.2 Pile Cap Resistance

The pile cap in a pile group strongly affects the rotational and lateral capacity of the
whole foundation. When a pile cap is subjected to lateral loading, the rotational tendency
of the pile cap is restrained by the vertical soil resistance that develops along the pile shafts

and at the pile tip. This is schematically shown in Figure 2.12. Mokwa (1999) compared
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Figure 2.12: Schematic of rotational soil resistance due to pile cap rotation

field load test results for a pile group to numerical simulations based on two cases: i) a fixed-
head case (no pile cap rotation) and ii) a free-head case (without any pile cap rotational
constraint). Figure 2.13 shows the pile group resistance recorded in the experiment and
calculated using these two extreme numerical cases. It is clear from the figure that the
experimental results fit in the middle of the two extreme cases; indicating the rotational soil

resistance due to the pile axial resistance significantly influences the pile group response.

Pile caps can also mobilize considerable lateral soil resistance themselves when they are
subjected to lateral loading. The lateral resistance of the soil against the pile cap movement
depends on the passive earth pressure at the front face of the cap, and on the sides and
base, sliding resistance and the active pressure on the back face of the cap. Mokwa (1999)
found that the sliding resistance and active forces are negligible since the values are small

compared to the passive resistance and they tend to offset each other.

To calculate the passive earth pressure resistance, several passive earth pressure theories,

such as the log spiral, Rankine, and Coulomb theories can be used. Using Rankine’s theory,
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Figure 2.13: Pile group load test results and calculated results for fixed pile cap and free
pile head - after Mokwa (1999)

the passive earth pressure at the cap face can be determined by
1
Ep=§fyH2Kp+2cH./Kp+qHKp (2.9)

where, K, = tan?(45 + $/2), ¢ = friction angle of soil, ¢ = cohesion of soil, ¢ = surcharge
pressure, v = unit weight of soil, and H = height of pile cap.

For large soil-wall friction angles (), the log spiral theory gives more accurate results
than Rankine or Coulomb’s earth pressure theories. This is due to the fact that: i) Rankine’s
theory does not consider wall friction; resulting in underestimated passive earth pressures,
especially at high ¢’s, and ii) K, values from Coulomb’s theory are unconservative and can
be very inaccurate when the wall friction angle is greater than about 0.4¢ (Mokwa, 1999).
To account for large values of wall friction angle (§), Mokwa (1999) developed a procedure
based on the log spiral theory. In his procedure, the soil weight over a log spiral failure
surface and the log spiral center location are determined using an iterative technique. With

these values the earth pressure forces (Ppg, Pyc, and Ppg) are calculated to determine the
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earth pressure coefficients shown in Equation 2.10.

1
E, = —2—7H2 Ky + 2cH /Ky + ¢H Ky (2.10)

2P _ Py, _ Py
where Kp 4 = —,#}53, Kpe= 525, and Ky =

The resulting passive earth pressure force is determined for a unit length of soil in two
dimensions. In a real pile cap, or bulkhead, the passive region is wider than in a two-
dimensional model. Therefore, larger passive earth pressures are mobilized. The zone of
the mobilized soil resistance depends on the friction angle of the soil and depth. To include
the three dimensional pile cap effect Mokwa (1999) performed field load tests on bulkheads
and measure the pure pile cap lateral resistance without pile lateral resistance. He found
that using the log spiral theory, together with Ovesen (1964)’s three-dimensional shape
factors, accurate results were obtained for both c-¢ natural soils and cohesionless crusher

run backfill. The Ovesen’s 3-D modifying factor (R) is expressed by
168 | 04(Kp — Ki) BB’

R=1+ (K, — K,)*® |1.1E* + 2.11
(K — Ke) 1+5% 1+0.05% (211)
where, B = 1 for a single pile cap or anchor block, £ = 1 — - fH, and z is embedment

depth from the ground surface to the top of the pile cap.
For cohesionless soil, the ultimate earth pressure force, accounting for the 3-D effect,

can be expressed by
Pult,caszpr:R(Pp¢+Ppc+qu)b (2.12)

where, R is Ovesen’s 3-D modifying factor calculated from Equation 2.11, E, is the 2-D
passive earth pressure obtained using Equation 2.10, and b is pile cap width.

For cohesive soils (¢ = 0), Mokwa (1999) suggested the so-called ¢=0 sliding wedge
method to calculate passive earth pressure. The method follows Reese’s sliding surface
wedge approach for a laterally loaded pile and is based on full-scale test results. Equation
2.13 shows a semi-empirical equation for the ultimate passive earth pressure for cohesive
soils

cbH H 0.25 H
Pult,cap=T(4+’yT+ b

+2a) (2.13)
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Table 2.5: Typical values of the soil adhesion factor, « - after NAVFAC (1982)

interface soil

soil cohesion, ¢ (psf)

adhesion factor, a

Very soft cohesive soil
Soft cohesive soil
Medium stiff cohesive soil
Stiff cohesive soil

Very stiff cohesive soil

0 to 230
250 to 500
50 to 1000

1000 to 2000
2000 to 4000

1.0

1.0
1.0 to0 0.75
0.75 t0 0.5
0.5t00.3

where o is a factor that accounts for adhesion between the cohesive soil and the wall. Table
2.5 shows typical values for a. Since the three-dimensional and shape effects are implicitly

included in the experimental tests, no additional modification factors are needed.

2.5.8 Response of Pile Groups Subjected to Farthquake Loading

The dynamic response of pile groups is complicated by the presence of the pile cap. When
the soil is liquefied, the soil-pile-structure interaction becomes even more complicated.

Curras et al. (2001) performed centrifuge tests on a superstructure supported by a pile
group founded in an upper clay underlain by dense sand. Using p-y, t-2, and g¢-z interface
springs and conventional group efficiency factors for pile groups, good predictions were
obtained. In their study, it was observed that higher nonlinear response due to soil-pile
group interaction caused the translational and rotational stiffness to decrease and led to
longer first modal periods.

Several researchers have performed centrifuge tests (Abdoun et al., 2003; Brandenber
et al., 2005), large shaking table tests (Suzuki et al., 2006; He et al., 2006), and full-scale
field blasting tests (Juirnarongrit and Ashford, 2004; Kawamata et al., 2006) to investigate
pile group response due to lateral spreading.

From centrifuge tests on two pile groups (2.5D and 4D pile spacing) subjected to lateral
spreading, Abdoun et al. (2003) found that the soil between cast-in-place 4D spacing piles

was liquefied, but the soil between driven 2.5D spacing piles was not fully liquefied (ry
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~ 0.8). They also observed that the front and rear piles had similar maximum bending
moments. The maximum bending moment values were much smaller than those measured
in single piles due to the frame effect associated with axial forces of individual piles.
Kawamata et al. (2006) performed numerical analysis on pile groups subjected to lateral
spreading induced by blasting using simplified 1-D and 2-D pile models. The 1-D pile model
consisted of a single pile with an equivalent stiffness and p-y springs. The 2-D pile models
represented a pile group with two rows of equivalent piles. Using the 2-D simplified model,
the rotational resistance of the pile group was included. In their analysis, conventional p-y
springs with p-multipliers were used. The recorded ground deformation was applied to the
p-y springs and it was assumed that the p-y springs in liquefiable layer had no stiffness.

The 2-D simulations were in good agreement with the experimental results.

2.6 Axially Loaded Single Pile

The behavior of an axially loaded pile relies on the skin resistance of the pile (Q;) and
the pile tip (point) resistance (Qp). The total resistance of a pile (@) is simply expressed
by

Qt = Qs + Qp (2.14)

The load-transfer mechanism is complicated due to several reasons. First, the maximum
values of (); and @), do not occur simultaneously. Second, the induced elastic displacements
at different depths along the pile vary and the skin resistance vs. displacement relationship
is nonlinear. Finally, the pile tip resistance affects the overall distribution of skin resistance.
Figure 2.14 illustrates a typical load transfer mechanism in a single pile. The load transfer
is different depending on soil type. In clays, the total resistance of the pile generally reaches
a maximum value after some pile movement and then drops gradually to a residual value.
In contrast, the total resistance continues to increase at a decreased rate or tends to reach a
maximum value. This typical behavior between mobilized total resistance and movement of
pile top is shown in Figure 2.15. As it is shown in the figure, the frictional resistance in clays
increases rapidly and reaches a maximum value at a small displacement and then decreases

gradually and reach a residual value. However, the point resistance in clays continues to
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Figure 2.14: Illustration of axial load transfer in a pile - after Vijayvergiya (1997)

increase and reach a maximum value at a relatively larger displacement. This resistance
is commonly obtained from end bearing capacity theory. The displacement at which the
maximum resistance is obtained is called critical displacement (or movement). On the other
hand, the frictional resistance in sands remains almost constant after reaching a peak value.
The point resistance for sands continues to increase gradually.

The skin resistance and the point resistance are modeled by t-z curves and ¢-z curves
which are similar to the p-y curves used for lateral soil resistance. Many authors - for
example, Coyle and Sulaiman (1967), Vijayvergiya (1997), Parker and Reese (1969), Mosher
(1984), and O'Neill and Reese (1999) have investigated field and lab tests and suggested

methods or formulas to develop these curves.

2.6.1 Ultimate Skin Resistance (ty:) and Ultimate Point Resistance (qy) for Sands

Vijayvergiya (1997) proposed a relationship for skin and point resistance for driven piles

based on his literature review and experience. The mobilized unit friction resistance for any
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movement of a pile is expressed in Equation 2.15. The relationship can be used for clay and

f= fmax(z\/zzc_ zic) (2.15)

where, f = unit friction mobilized along a pile segment at a displacement (2), fmez =

sand.

maximum unit friction, and z, = critical displacement corresponding t0 gmez. The value of

fmaz 18 obtained using Equation 2.16.

fmaz = Koy tand (2.16)

where, K = coefficient of lateral earth pressure, o, = effective vertical stress, and § =
angle of friction between soil and pile surface. The value of ¢ is usually approximated by
6 = ¢ — 5. The value of K for medium dense to dense sand ranges from 0.8 for tension to
1.25 for compression, but the value of K for loose sand may be lower and close to K,, the
coefficient of active lateral earth pressure. Table 2.6 gives API (1993)’s recommendations
for the value of § and limiting values for fp,q;. The value of 2., where fi.; 18 mobilized,
ranges from 0.2 to 0.3 in. in both clays and sands. Equation 2.16 is plotted in Figure 2.16.

The mobilized tip resistance for any tip movement, z, can be obtained using the following
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Table 2.6: Recommended parameters for Cohesionless Siliceous Soil - after API (1993)

SOil 5 fmg,z Nq Qmaz
type (degree) | (kPa) | in Eq. 2.18 | (kPa)
Clean Sand 30 95.8 40 9580
Silty Sand 25 81.4 20 4790
Sandy Silt 20 67.1 12 2870
Silt 15 47.9 8 1920
1.5
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Figure 2.16: Normalized t-z (or f-z) curve for clay and sand - after Vijayvergiya (1997)
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empirical relationship.

qg= (i)l/SQmax (2-17)

Zc
where, ¢ = tip resistance mobilized at any value of 2z < z., ¢mae = maximum tip resistance,

and z, = critical displacement corresponding t0 ¢pqa,. The value of ¢, is determined using

Equation 2.18,

qmam = Nqo-ru (2.18)

where, N, = bearing capacity factor, and o, = effective verticals stress at the base of the
pile. The value of N, depends on the angle of internal friction of the granular soil. API
recommendations of N, for driven piles in medium dense to dense sand is given in Table
2.6. Vesic (1970) and Kerisel (1964) suggested that the value of g, increases linearly to
a limited depth. Beyond certain depths, the values should be limited. Limiting values are
also given in Table 2.6. The critical displacement z. is defined as a vertical displacement
at which the maximum unit point bearing of pile tip g4, is mobilized. The value of z, is
approximated to 3% to 9% of the diameter for clays and sands (or 0.04 D for clay to 0.06 D
for sand). Here, D represents pile diameter. A normalized g¢-z curve is illustrated in Figure
2.17.

Mosher (1984) proposed another method to evaluate skin resistance and point resistance.
The skin resistance f is computed in Equation 2.19 using fmer obtained from Castello
(1980)’s charts. The tip resistance is calculated in Equation 2.20 using modified equations

for different density of sands assuming that gmq; occurs at 0.25 in.

z

= 2.19
f E%Jffmﬁ(z) (2.19)
qg= (fc)mqmaz (2.20)

Here, the value of m is 1/2 for loose sand, 1/3 for medium sand, and 1/4 for medium
dense sand. The value of g, is determined from Castello (1980)’s curves. O’Neill and
Reese (1999) provided methods for computing the nominal axial resistance for drilled shafts

considering various soil types, drainage conditions, and loading directions.
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Figure 2.17: Normalized ¢-z curve for sand and clay - after Vijayvergiya (1997)

2.7 SPSI and Structural Stiffness

The interaction between piles and the surrounding soil also affects the overall stiffness
of a soil-structure system. As such, it can affect the dynamic response of that system. This

section describes SPSI effects on the superstructure response.

2.7.1 SPSI Effect on Structure Response

In an ideal case where a structural column base is fixed, which could occur when the
column is socketed into hardrock, the column stiffness can be calculated using well known
equations, as shown in Figure 2.18. However, for the column case of bridges founded on
soils, the column base conditions are not fixed. During an earthquake, the structure base
supported by a pile or pile group system undergoes translational and rotational movements.
The actual stiffness of the columns vary due to changes in structural boundary conditions.
The local soil deformation around the pile near the ground surface and the rocking behavior

causes energy dissipation and stiffness decrease resulting in longer structure natural periods.
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Figure 2.18: Lateral stiffness of column with and without rotational restraint at the top

The frame effect in a pile group provides rotational resistance.

Since SPSI makes the fundamental period of the structure longer, there is a prevailing
structural view that this effect is beneficial (i.e., longer periods stay away from the critical
period in a design spectrum). However, this beneficial effect is true only when the response
spectrum of a earthquake motion is within the design spectrum. When the input motion has
large components at frequencies contents that corresponds to the SPSI associated natural
periods, and out of the design spectrum critical period, the structure may undergo severe
damage. These effects have been observed in many case histories (Gazetas and Mylonakis,

1998).

2.7.2 Other Factors that Influence the Structural Response

As explained above, the structure and pile response is affected by pile section stiffness,
and other geometric characteristics such as clear height above the ground surface, pile head
rotational constraint, pile embedment length, and degree of rocking.

When the clear height above the ground surface is long, the maximum bending moment
occurs near the ground surface. In a structure whose supporting columns have different
clear heights, the short column tends to show relatively larger lateral demand due to its

larger stiffness.
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Pile embedment is another influencing factor. When the pile embedment is long enough
and the induced deformations and bending moments are confined to the upper part of
the pile, the piles are regarded as ’'flexible’; since the overall length of the pile does not
significantly affect the response of the pile, (Randolph, 1981). Using elastic beam theory
and considering elastic springs with uniform or linearly increasing modulus to represent the
soil, a critical length (R, and R;) beyond which the pile length no longer significantly affects

the response under lateral loading is calculated by
lo =4 ¢ — (2.21)

where, E and I are the Young’ modulus and the pile cross section moment of inertia of pile,
respectively and kj, is the constant horizontal subgrade reaction modulus of the soil and ny,

is the rate of increase of horizontal subgrade reaction modulus.

2.8 Soil-Abutment-Bridge Interaction

Bridge abutments can significantly affect the response of a bridge deck by providing
longitudinal and transverse resistance and impeding lateral bridge displacement. In this
review, the transverse abutment response is not considered. The longitudinal abutment
response depends on abutment type, and backfill soil characteristics, and abutment foun-
dation. Typical bridge abutment types include diaphragm abutments, seat abutments,
and cast-in-drilled-hole (CIDH) shaft-controlled abutments. To be consistent with current
abutment design practice (Caltrans, 2004) at the California Department of Transportation
(Caltrans) this review focuses only on seat abutments.

Figure 2.19 shows a schematic drawing of a seat-type abutment and bridge deck-abutment-
soil interaction. Seat-type abutments consist of a backwall on a stem wall and wing walls.
The structure can be supported by pile foundations or shallow foundations. The bridge
deck is seated on bearing pads on top of the stem wall and is separated horizontally from
the backwall to provide an initial gap. The bridge deck inertial force is then transmitted
through the bearing pad friction to the stem wall until the bridge deck reaches the back-
wall. To protect the piles from highly nonlinear response or severe damage, the backwall

and shear keys are often designed to shear-off in such a way it is easy to retrofit them after
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an earthquake. When the deck inertial force increases and the deck comes into contact with
the backwall, the lateral resistance derives from the soil resistance on the backwall plus the
stem wall and pile. Once the backwall is sheared off, the lateral resistance mainly comes
from the mobilized passive earth pressure in the embankment backfill above the level of the
backwall failure.

This mechanism is quite complicated and difficult to simulate. Therefore, the abutment
reaction is often simplified as a 1-D load-displacement spring that captures the overall
interaction between bridge deck and abutment system including backfill soil and gap. For
the abutment stiffness and capacity, Caltrans uses empirical relationships developed from
full-scale abutment tests conducted at UC Davis (Maroney, 1995). The initial abutment
stiffness, including pile, can be expressed as

h
Kot = ki x w x ( g”j@ (2.22)

where, k; is 20.0 £ 4 is the width of the backwall (ft), and hapus is the height of the

backwall (ft). The ultimate abutment capacity due to the backfill soil can be expressed as

Paut = Ao x (5.0ksf) x ( ;g"jft> (2.23)

where, A, = the effective abutment area (ft?). The coefficient (5.0 ksf) is intended to
account for the static shear strength of a typical embankment material. Using the initial
stiffness and ultimate capacity, a 1-D load-displacement curve can be approximated using

a simple curve as shown in Figure 2.20.

2.9 Summary

This chapter reviewed soil-structure interaction among bridge components with a focus
on the interface spring characteristics of piles and pile groups in various soil and loading
conditions such as sand, clay, and liquefiable soils subjected to static and dynamic loadings.
The soil-pile system response subjected to lateral spreading and factors that can influence
the dynamic response characteristics of pile-supported structures were reviewed. Finally,

the soil-abutment interaction was briefly discussed.
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Chapter 3
PERFORMANCE BASED EARTHQUAKE ENGINEERING

3.1 Introduction

The seismic performance assessment of civil engineering facilities allows owners to con-
sider a continuous range of meaningful information in making economical design choices
rather than basing design on a binary decision (i.e., safe or unsafe). However, a reliable
seismic performance estimation is challenging since it inherently includes uncertainties of
earthquake motions and soil-structure response. Prediction of response requires well-defined
structural/geotechnical models that can account for soil-structure interaction for a range
of geotechnical and structural input parameters. In this context, the Pacific Earthquake
Engineering Research Center (PEER) has a developed a probabilistic framework and an
analytical tool (OpenSees) that allow evaluation of performance taking uncertainties into
account quantitatively.

In this chapter, the PEER Performance Based Earthquake Engineering (PBEE) frame-
work is described. Numerical and closed form integration of uncertainties in the PEER
framework are discussed. Several characteristics of selected motions and their effect on

demand models are briefly investigated.
3.2 Performance Based Earthquake Engineering Methodology

The PEER PBEE framework computes risk as a function of ground shaking through sev-
eral intermediate steps using the Total Probability Theorem. This risk estimation includes
many sources of uncertainties that can be handled probabilistically. The intermediate steps
are described in terms of seismic hazard, demand hazard, and damage hazard. The seismic
hazard is characterized in terms of an Intensity Measure, IM which describes the level of
ground shaking. The demand hazard is some form of response, characterized in terms of an

Engineering Demand Pafameter, EDP, at the site of interest. The damage hazard results
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from these EDP’s and it is characterized in terms of a Damage Measure. Finally, the risk
is expressed in a form that is useful to decision makers, associated with selected Decision
Variables, DV. IMs can be defined by ground motion parameters such as peak ground ac-
celeration (PGA), peak ground velocity (PGV'), Arias Intensity (I,), cumulative absolute
velocity (CAVj), first mode spectral acceleration (S,(T})), etc. Possible EDPs could involve
column drift ratio, curvatures, shear force, bending moment, and settlement of a supporting
system. DMs can be related to structural damage such as cracking, spalling, bar buckling,
and column shear failure, or to non-structural damage such as slope failure. DVs can be
expressed in terms of repair cost, downtime, repair time, loss of life, and loss of facility
capacity among others. The hazard or risk curves for the interim variables (e.g., IM, EDP,
DM, or DV) are expressed in terms of a relationship between the variable and its exceedance
rate. The exceedance rate can be described by the mean annual frequency (MAF) or return
period (Tg). For example, owners can be informed using a DV risk curve that an existing
or planed bridge will have z dollars of damage every y years. The mean annual rate of
exceedance in the DV risk curve can be obtained combining all the other variables using

the total probability theorem, which in discrete form results in,

Ndm NEdP Nz'm
Aav, = > Y. Y P[DV > dv)|dmi] P[DM = dmy|edp;] PI[EDP = edp;|im;]|Adim; (3.1)
k=1 j=1 i=1

where Ny, Negp, and N, are the number of increments of DM, EDP, and IM, respectively.
P[DV > du;|dmg] represents the conditional probability of DV exceeding dv; at a given dmy,.
P[DM = dmyledp;] and P[EDP = edp,|im;] represent conditional probabilities of DM =
dmy and EDP = edp; at given edp; and ¢m;, respectively. The AM;y,, is an increment
of mean annual rate of exceedance in a IM hazard curve. In the PEER PBEE framing
equation, each conditional probability term includes the uncertainty between the interim
variables at an increment step and contributes to the mean annual rate of exceedance in

the DV risk curve.
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3.3 Numerical Integration of Uncertainties in PBEE Framework

In this section, details on the process required to integrate the uncertainties that leads

to hazard and risk curves are presented.

3.3.1 IM Hazard from PSHA

The process of building up a DV risk curve starts with an IM hazard curve obtained
from a Probabilistic Seismic Hazard Analysis (PSHA). In this curve, shown schematically
in Figure 3.1, a mean annual rate of exceedance (Arps) for any particular value of a specified
IM for a given site is obtained. If a specific earthquake source is considered, the mean annual
rate of exceedance of a certain IM, such as PG A and S,(7T}), is obtained by multiplying the
average rate of threshold magnitude exceedance (v) by the probability that an IM is greater
than a particular IM of interest. The average rate of threshold magnitude exceedance (v)

is determined using recurrence laws considering a certain threshold magnitude such that,
v = 10%"0m0 (3.2)

where, a and b can be obtained from the Gutenberg-Richter recurrence law and m, is
a threshold magnitude. The probability that an IM is greater than a particular IM of
interest is calculated considering uncertainties in distance and magnitude for the potential

earthquake sources such that,
PIIM > im] — // PIM > im|m, 7] far(m) fr(r) dm dr (3.3)

where, P[IM > im|m,r] is the probability that an IM level is exceeded for a given magnitude
and distance (m and r), usually obtained from attenuation relationships. fas(m) and fr(r)
are the probability density functions for magnitude and distance, respectively. Considering
Ny potential earthquake sources at a site, the total average exceedance rate can be obtained

by adding the sources such that,

Ny
Aim = le/ / / PIM > imlm, 7] fazi(m) fre(r) dm dr (3.4)

It is noted that A, is expressed in 1/time units and it is not a probability since A;p, is a

multiplication of v and P[IM > im]. If the probability of at least one exceedance of IM
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A

Figure 3.1: Schematic IM hazard curve from PSHA

= im for a certain period (¢) of time is of interest, it can be approximated using Poisson’s

model such that
PIN>1=1-¢ ** (3.5)

Hazard curves can be obtained for specific sources using a PHSA or can also be obtained
from USGS hazard websites for several IMs such as PGA and S, (T') for several return periods
(1%,2 %, 5%, 10 %, 20 %, and 50 % in 50 years) and several structural periods (T) (0.1,
0.2, 0.3, 0.5, 1.0, and 2.0 sec). The USGS hazard website can be found at
http://eqint.cr.usgs.gov/eq-men/html/deaggint2002-06.html.

3.3.2 EDP Hazard

From the IM hazard curve, several IMs that corresponds to target occurrence rates {(e.g.,
Aim = 0.01386 (1/75), 0.0021 (1/475), and 0.0004 (1/2475) or 50%, 10%, and 2% in 50 years)
are determined and used to select and scale input motions. Using these motions in numerical
simulations, a relationship between EDP and IM can be obtained. This relationship is
referred as demand model. Demand models show different levels of dispersion. Therefore, a
correlation can be defined in statistical ways. The source of dispersion in the relationship

comes from earthquake motion uncertainties, soil and structural property uncertainties,
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numerical model uncertainties, etc.
EDP hazard curves can be obtained from the IM hazard curve through numerical inte-
gration of the uncertainties in the EDP-IM relationship using Equation 3.6.

Nim
Aedp; = 3 PIEDP > edp; | imy] Adim, (3.6)

i=1

The probability term in the equation can be obtained from fragility curves which include
EDP uncertainties over an entire IM range. To construct a fragility curve, the data in the
EDP-IM relationship is grouped into several im ranges (im;) over the entire IM range. The
number of im intervals defines the number of points in the fragility curve to be constructed.
To obtain a smooth fragility curve, a reasonable number of im intervals is needed. The
data in each IM group is statistically processed and probability distributions of EDP for
different IMs are obtained. Figure 3.2a schematically shows the construction of a fragility
curve for a particular EDP(j). In the process, the probability density function for each im;
is integrated over the EDP range that is greater than the selected edp; (shaded areas in the
plot). Other points on the EDP fragility curve are obtained considering other probability
functions corresponding to other im; . This procedure is repeated for the other probability
functions at different IMs. Therefore, in a single fragility curve, the probability information
of the EDP that is greater than the value of interest is included over the entire range of
IMs. The values of P[EDP> edp;|im;] in Equation 3.6 represents the fragility curve for a
particular edp;, which is function of an IM. For another fragility curve, the same integration
is repeated using an EDP range that is greater than edp;; over the entire range of IM to
construct the appropriate fragility curve. This is schematically shown in Figure 3.2b.

Once all of the fragility curves are obtained, the EDP hazard curve can be calculated
by integrating the IM hazard curve and fragility curves using Equation 3.6. The procedure
is illustrated in Figure 3.3. First, the IM hazard curve and a fragility curve for a particular
edp; is divided into Njps intensity measure intervals, and the P(i,j) = P[EDP > edp;|im;]
is multiplied by AArps,. This procedure is repeated over all the discretized IMs (i.e. i=1
to Nrpr) and all the products are summed to have one point in the EDP hazard curve. To
obtain more points in the EDP hazard curve, the integration process is repeated for other

edpj+1 fragility curves.
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3.3.8 DM Hazard

Similarly, the DM hazard curve is obtained by following Equation 3.7 and using the EDP
hazard curve and DM-EDP relationship (damage model or capacity model) that correlate
the EDP response into physical descriptions such as cracking, spalling, and fracture. In this
procedure, the capacity model can be obtained from an experimental test database (Berry
and Eberhard, 2003; Hose et al., 2000) or numerical analyses. Damage often is collected in

discrete manner.
Nepp

Mimy = Y. P[DM > dmy, | edp;] Mgy, (3.7)
j=1

3.3.4 DV Risk

The DV risk curve is determined from the DM hazard curve and the DM-DV relation-
ship (decision model) using Equation 3.8. The correlation between DM and DV is obtained
from professional surveys, early earthquake-induced repair cost data, or repair cost estima-
tion from research laboratory and probabilistic estimation for operational cost of highway
bridge functionality such as traffic volume, lane and speed reduction or access to emergency

vehicles.
Npwm

Apv; = Y P[DV > DV, | DMy] Adpy, (3.8)
k=1

3.8.5 PEER PBEE Framework Equation

The PEER PBEE framework equation (Equation 3.1) can be obtained by combining
the individual probability estimation from each intermediate steps into a single equation.

Using Equations 3.6 and 3.7 and noting AP[y > y*|z] = Ply = y*|z],

Nrwm

Adegp, = Y AP[EDP > edp; | im;] Adim,

=1
Nrm

= Y P[EDP = edp; | im;] AXim, (3.9)
i=1
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Ngpp
AXgm, = Z AP[DM > dmy, | edp;] Adeap,
j=1
Ngpp
= Y P[DM = dmy | edp;] Adegp, (3.10)
j=1

Then, Equation 3.8 can be expressed in combined form using Equations 3.9 and 3.10 such

that
Nim,
Advl = Z P[DV > dvl}dmk]AAdmk

k=1
Nim Nedp

= Y P[DV > dvdmi] Y P[DM = dmy|edp;]Adeqp,
k=1 Jj=1
Nam Nedp Nim

= Y P[DV > dv|dmg] Y P[DM = dmyledp;] > PIEDP = edp;|im]Aim,
k=1 j=1 i=1
Ngm Nedp Nim

= > > Y PIDV > dv|dmi)P[DM = dmy|edp;]P[EDP = edp;|im;]AXim,
k=1 j=1 i=1

(3.11)

3.4 Selection of IMs

In the PEER equation (Equation 3.1 or 3.11), the deaggregated variables are aggregated
by integration over all the selected intermediate variables. Therefore, it is important to
ensure the EDPs, DMs, and DVs are not affected by conditional IMs. Earthquake motion
characteristics often vary with magnitude and distance. Some EDPs such as liquefaction
are influenced by the magnitude and distance effects embedded in the IMs resulting in
different EDPs even with similar IMs. Using regression analysis, the residual (regression
error) of each EDP with magnitude or distance can be evaluated. If the EDP residuals vary,
the motions are not sufficient and influence upstream variables. However, if the residual
is relatively constant over magnitudes or distances, the EDP responses are independent of
magnitudes and distance for the selected IMs and the IM is sufficient. This residual variation
is schematically shown in Figure 3.4 along with magnitude or distance for sufficient and not-
sufficient cases.

Another aspect of a selected motions is its efficiency. Earthquake motions can be char-

acterized by several IMs such as PGA, PGV, I, CAVs, and S,(7T1). The selected motions
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Figure 3.4: Schematic illustration of sufficiency in IMs

can be scaled to have the same IM according to the mean annual exceeding rate of interest
for simulations. However, the motions may still have different characteristics such as fre-
quency content, duration, number of cycles, etc resulting in a large variability in EDP-IM
relationships. This large variation implies that the IM is not efficient and additional mo-
tions should be added to have suitable confidence in the probability distribution of EDP-IM
relationships. For example, if an EDP probability density function (PDF) for a given IM
has a wide dispersion, more effort (i.e., a greater number of motions and simulations) will
be required to obtain the necessary confidence on the PDF information. On the other hand,
if the motions give less dispersion, the bell-shaped probability distribution will be tall and
narrow and a small number of motions is enough to have confidence. In this case, it is
said the IM is efficient. Efficiency affects the uncertainty in EDP-IM relationships. Use of
efficient IMs reduce uncertainties and thereby the EDP hazard curves with smaller return
periods result in less conservative risk estimations. More information on efficiency and
sufficiency can be found in Luco and Cornell (2001) and Kramer and Mitchell (2006).
PGA often shows large variability in EDP-IM relationships due to the fact that additional
motion characteristics related to the domain response mechanism are not included in PGA.
Therefore, S, (T}) is commonly used as an improved IM over PGA. However, S, (7} ) does not
account for frequency information at T # 717 and period elongation effects due to nonlinear
response or soil-structure interaction (Krawinkler and Miranda, 2004). Kramer and Mitchell

(2006) found C AVj is efficient and sufficient for liquefaction potential estimation.
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The estimation of the median and uncertainty in a demand model (EDP-IM relationship)
is affected by the ground motions used in the analysis or numerical simulations. Among
several ways to select or scale ground motions the cloud method, stripe method, and incre-
mental dynamic analysis (IDA) are commonly used. Figure 3.6 illustrates these methods
using schematic EDP-IM plots. In the cloud method, a wide range of ground motions are
selected. Since the cloud method uses motions from which a wide range of IM can be
computed, the median and dispersion information of the seismic demand model (EDP-IM

relationship) can be obtained for a broad selection.

In the IDA method, motions with selected IMs are incrementally scaled from small to
large IMs. This method is the dynamic equivalent to the familiar static pushover analysis.
This method provides information on the evolution of the median and dispersion of the
demand model with incrementally scaled motions. However, care should be taken when

scaling small intensity records by large scale factors.

Finally, in the stripe method, all selected motions are scaled to have the same IM values
for selected IMs. This method is a special case of the IDA method. The benefit of the
strip method is that the median and dispersion is not subjected to the regression error of
considering an entire IM range. However, the major drawback is that an intensity-dependent

demand model cannot be obtained from a single stripe analysis. Mackie and Stojadinovic
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(2005b) investigated each method and found that with the same computational effort, the

cloud method and IDA method provide similar estimates of the median and dispersion.

3.5 Uncertainty Integration Approximation

Demand models that relate EDPs to IMs can often approximated by power laws. There-
fore, the mean EDP-IM relationship in (natural) log space can be approximated by a linear
function. That is,

EDP =a (IM)® (3.12)
In(EDP) = A + BIn(IM) (3.13)

The coefficients in this equation can be obtained from a median relationship using a least-
square regression on the demand model data.

For a large range of IMs, the median EDP-IM relationship may not be linear and data
dispersion in the demand model may increase due to high nonlinear response in the system.
In log space, however, the degree of dispersion over the entire IM range is uniform if a
lognormal distribution of EDP at a given IM is assumed. This homoskedasticity assumption
facilitates the integration process using a closed form solution (Jalayer, 2003). The IM

hazard curve can also be assumed to follow a power law such as,
Aim = ko (im)7* (3.14)
Equation 3.14 can be expressed in log scale as,
In(Aim) = In(ko) — kIn(im) (3.15)

The two unknown coefficients in the equation can be obtained solving Equation 3.14 or 3.15
by substituting IM values and mean annual rates of exceedance for the two hazard levels
(e.g. (IMy, Arpgy) and (IMs, Arag,)). This assumption should be used with care, especially
for very low or high IMs.

The combined closed form solution, used to create the EDP hazard curve using these
assumptions, can be expressed as

Aedp = PIEDP > ed = oy [(EY o ey LB 2 1
edp = P > edp|IM] =k, KT) ] exp[g"b’g‘azn(EDPuM)] (3.16)
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In this equation, the first term

ko [(S2) 0

represents the EDP-IM median relationship and the second term
1k2 ,
€2pl5 33 Oin(EDP|1M)]

can be seen as an amplification factor on A.g, due to the uncertainty in the EDP-IM re-
lationship. If the oy,gpp|ra) is equal to 0, the uncertainty amplifier becomes zero. If
Oin(EDP|IM) 18 greater than 0, then the value of Aeyp is amplified.

Details on the derivation of this equation are described in Jalayer (2003). This closed
form solution procedure can be extended to DM hazard curves and DV risk curves using
similar assumptions and arguments. Mackie and Stojadinovic (2005a) developed a visual

tool that generates the DV risk curves using a closed form solution.

3.6 Summary

This chapter introduced the PEER PBEE framework including the estimation of inter-
mediate variables used in the PBEE framework and corresponding fragility curves. Uncer-
tainty integration through the PBEE framework equation was described. Important aspects
such as IM sufficiency and efficiency were discussed for selection of IMs. Finally, a closed
form solution is briefly described as an approximate method for obtaining hazard and risk

curves.
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Chapter 4

PHYSICAL AND NUMERICAL MODELING OF BRIDGE
STRUCTURES

4.1 Introduction

The seismic response of bridges and other structures, particularly those supported by
drilled shafts, can be strongly influenced by soil-pile-structure interaction (SPSI). SPSI can
be complicated and influenced by many factors including ground motion intensity, directions
of shaking, various structural configurations including clear height above the ground surface,

embedment length, and pile head rotational constraints.

To evaluate the seismic SPSI in a bridge and bridge components, a series of centrifuge
tests were performed in the U.C. Davis centrifuge facility in collaboration with researchers
from that institution (Ilankatharan and Kutter 2005). These tests were a part of a larger
research program on soil-foundation-structure interaction effects funded by the George E.
Brown, Jr. Network for Earthquake Engineering Simulation (NEES) (Wood et al., 2004).
The tests described in this dissertation were performed on: i) a two-span bridge with dif-
ferent clear column heights, ii) several two-column bents oriented at different angles with
respect to the direction of primary shaking , and iii) several bents and single piles with differ-
ent pile embedment lengths and masses. These models were subjected to various earthquake
motions with different intensities and frequency contents to trigger different levels of system
nonlinearity.

The Open System for Earthquake Engineering Simulation (OpenSees) framework was
used to simulate the centrifuge response. To represent the centrifuge structures, two- and
three-dimensional structural models were attached to 2-D shear beam soil columns and
conventional interface springs.

This chapter describes details of the three centrifuge tests and the strategies used in

OpenSees to capture the recorded response. Comparisons between the experimental and
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Table 4.1: Scaling relationships for centrifuge modeling - after Wood (2004)

Quantity Full scale (prototype, 1g) | Centrifuge models at N g’s
Length 1 1/N

Area 1 1/N?

Volume 1 1/N3

Mass density 1 1

Force 1 1/N?

Stress (force/area) 1 1

Time (dynamic event) 1 1

Frequency 1 N

numerical results are presented in Chapter 5 and Chapter 6.
4.2 Centrifuge Test Concept

The basic concept used in centrifuge tests is based on the fact that the response of a
scaled soil model is similar to the response of a prototype soil system when the model is
subjected to an artificial gravity that increases the stresses to the level of stress in the
prototype model. Using this idea, the dimensions of a model are determined based on the
selected controlled gravity field. For example, if a model of a prototype structure is built
to a 1/N scale, then a gravitational acceleration field N times larger than the prototype
gravity is required to ensure that the stresses in the model are similar to those experienced
in the prototype structure. The increased gravity field can be obtained using the centrifugal
accelerations that can be achieved in a centrifuge.

A set of scaling factors can be established for various physical parameters using dimen-
sional analysis and governing equations. These scaling laws are summarized in Table 4.1.
The details of these derivations are described in Wood (2004).

This centrifuge approach is useful to evaluate seismic soil-structure-interaction; since it
is difficult to test large-scale structural and geotechnical systems in the field with realistic

earthquake loading. In this research, the selected centrifuge gravity field was 52g. Therefore,
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the prototype dimensions were 52 times larger than the centrifuge specimen dimensions.

4.3 Bridge Structure Models in Centrifuge Tests

This section briefly discusses the three centrifuge test models performed at the U.C
Davis centrifuge facility to investigate SPSI effects on bridge structures. All of the tests
were completed in collaboration with the geotechnical research team at the University of
California at Davis. Mahadevan Ilankatharan, a co-worker at UC Davis, worked as a primary
tester and was in charge of instrumentation, calibration and data processing. Basically, all
of the superstructures had accelerometers to measure accelerations in several directions.
Piles had pairs of strain gauges at several locations to measure relative strains, hence, pile
curvatures. Each centrifuge test had an vertical array of accelerometers in the soil to record
the free-field response. Accelerations in the soil and piles were recorded at 2.6 m depth
from surface. Centrifuge base accelerations were also recorded in three directions. The
instrumentation program and calibration information are not included in this dissertation.
Details on the centrifuge tests have been compiled in several centrifuge test data reports

published elsewhere (Ilankatharan et al., 2005, 2007a,b).

4.8.1 Three centrifuge tests

Schematic drawings of the three centrifuge tests are shown in Figures 4.1a to 4.3a. The
final centrifuge test setups are shown in Figures 4.1b to 4.3b.

The first centrifuge test, named CFG1 in Figure 4.1a, included four structural models: a
two-span bridge with three two-column-bents, a two-column-bent, a two-column-bent with
a pile cap and a single pile. Clear heights above the ground surface for the three bridge
bents were 2.6 m, 6.5 m, and 3.9 m and the embedment lengths were 15.6 m, 11.7 m, and
14.3 m in prototype scale, respectively. In this dissertation, the bridge bents are designated
based on their clear heights as Bent-S, Bent-L, and Bent-M. The individual bent located in
the same soil profile as Bent-M is referred as Bent-M2. The main purpose of this test was

to investigate the effect of clear height above ground on the dynamic response of bridges

and on SPSI.
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Figure 4.1: Schematic drawing and test setup of CFG1
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Figure 4.2: Schematic drawing and test setup of CFG2
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Figure 4.3: Schematic drawing and test setup of CFG3
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The second centrifuge test, named CFG2 in Figure 4.2a, included four two-column bents
and one single pile bent. The bents had the same configuration and structural properties
as Bent-M in CFG1. The two-column bents were oriented at 0°, 30°, 60°, and 90° to the
primary axis of shaking. In this dissertation, bent designations are chosen according to
their orientation. The bent parallel to the shaking direction is designated as Bent-00, and
is located at the center of the container. The bent with an orientation perpendicular to
the shaking direction is designated as Bent-90. The purpose of these tests was to study the
effect of twisting on the response of oriented bents and the effect of SPSI associated with

multi-directional pile shaking.

The third centrifuge test shown in Figure 4.3a included four bridge bents and three single
piles. The aim of this test was to trigger larger nonlinear response in the structural and
geotechnical components. The four bents were grouped into two groups. The bents in the
first group had different pile lengths and similar structural characteristics. One bent (Bent-
LS-Hy) had more mass than the other (Bent-LS-Lt). These two bents were designed to be
affected by torsion (6, in Figure 4.6) and multi-directional lateral soil-pile interaction. The
bents in the second group had the same pile lengths and the same (heavy) mass. However,
one bent (Bent-SS-Hy) had short piles and the other (Bent-LL-Hy) had long piles. These
two bents were designed to trigger higher nonlinear soil-pile system response. The three
single piles (sPile-S, sPile-M, sPile-L) were set to have different embedment lengths (short,
medium, and long). Embedment lengths for the short, medium, and long piles were 5D,

7.5D, and 12D, respectively; where D represents pile diameter (1.18 m in prototype scale).

Figure 4.4 shows the pile embedment lengths and structural clear heights used in the
three centrifuge tests. Since the structures used in each test were very similar with slightly
different configurations (such as pile embedment lengths, clear heights, superstructure
masses, and shaking orientations), comparisons between each other’s recorded response
provide important insight on the dynamic response of bridges. For simplicity, in this dis-
sertation, the two-column bents and structures supported by a single pile or drilled shaft

are referred as bent and single pile.
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Table 4.2: Aluminum type in structures

Test name | Structure name | Aluminum type
sPile-1 6061-T'6
Bent-M2 6061-T6
CFG1 Bent-S 6061-T4
Bent-M 6061-T4
Bent-L 6061-T4
sPile-2 6061-T'6
Bent-00 6061-T6
CFG2 Bent-30 6061-T4
Bent-60 6061-T4
Bent-90 6061-T6
sPile-S 6061-T4
sPile-M 6061-T6
sPile-L 6061-T4
CFG3 Bent-LL-Hy 6061-T4
Bent-SS-Hy 6061-T4
Bent-LS-Hy 6061-T6
Bent-LS-Lt 6061-T6

4.3.2 Bridge Structures and Piles

The centrifuge bridge piles and superstructure were made of aluminum 6061-T4 (E =
68.5 GPa; yield strength = 130 MPa) and aluminum 6061-T6 (E = 68.5 GPa; yield strength
= 255 MPa). In prototype scale the aluminum tubing cross section had an outer diameter of
0.991m and a wall thickness of 0.0952m. All piles were wrapped with plastic layers resulting
in a 1.181m outer diameter. The yield and ultimate bending moment for the T6 pile column
were 7890 kN-m and 10500 kN-m, respectively. The yield and ultimate bending moment
for the T4 pile column were 4022 kN-m and 5364 kN-m, respectively. The aluminum type

used in each structure is summarized in Table 4.2.

4.3.8 Soil

The soil chosen for the centrifuge tests was a Nevada Sand. A target relative density of

80% (1.66 Mg/m3) was used in all tests. The soil specimens were prepared by dry pluviation
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in a flexible shear beam model container. To measure the free-field soil response, several
accelerometers were embedded in soil in a vertical array and in a plane array located at a

2D depth (D = pile diameter).

4.3.4 Input Motions

The input motions used in the centrifuge tests were based on the NORTHRIDGE
01/17/94 1231, CENTURY CITY LACC NORTH, 090 (CMG STATION 24389) earth-
quake motion. This motion has a 0.26g peak acceleration, 0.21 m/sec peak velocity, and
0.07 m peak displacement. The motion was scaled and applied to the centrifuge resulting in
0.08g, 0.25g, 0.59g, and 0.75g peak accelerations at the centrifuge container base. Similar
centrifuge base motions were used in all the tests. In this dissertation, the motions are
referred, with their peak acceleration, as the Northridge motion. Typical recorded motions
at the centrifuge base are shown in Figure 4.5a.

To investigate the effect of motion frequency content on the structural response, several
frequency-sweeping motions were generated and applied with different peak accelerations.
A couple of these motions are shown in Figure 4.5b. More details on the target and attained
base motions can be found in the centrifuge test data reports (Ilankatharan et al., 2005,

2007a,b).

4.8.5 Local azis for superstructure response

In these series of centrifuge tests, some structures were oriented at different angles with
respect to the primary shaking direction. For this reason, six degrees-of-freedom are noted
in the superstructure schematic shown in Figure 4.6. The x- and y-directions are referred

to the transverse and longitudinal directions of the bridge, respectively.

4.8.6 List of centrifuge test simulations

In the simulation study, several motions were selected among the applied centrifuge
test motions to evaluate the capacity of the numerical models to capture different levels of

nonlinearity and to investigate the effect of input motion frequency content on the simulated



70

T T T T I 1 | I
S 0.5 SRR e : Weak motion {peak accel = 0.079) |—
vx 0 _'AA A A\ - -
® _05+ . i ; ; ; ; i
1 | | | | 1 { 1
0 5 10 15 20 25 30 35 40 45
T l I T H I T I
S [0 ) o R Medlummotlon(peakaccel=0.2Sg)|-
— 0} . AMIAAA W h M, ﬂ” “MM «\m 'A“/\v‘v""“‘v“ - -
X ‘ ‘ : :
T 9Bk : : R -
1 l l | | L I |
0 5 10 15 20 25 30 35 40 45
T T T T T I T I
S : Strong motion (peak accel = 0.59g) |-
S A (e .
= )
© - i . . .
1 { 1 1 1 I | 1
0 5 10 15 20 25 30 35 40 45
C
x
0]
0 5 10 15 20 25 30 35 40 45
time (sec)
(a) Northridge motions
005 T T T T T I I T T
] Step-wave motion (peak accel = 0.04g)|
o ’ -
-0.05 1 l | I | ) L 1 I
0 5 10 15 20 25 30 35 40 45 50
T T T T T T
0.5 . S Sweeping motion (peak accel = 0.41g)|»
@ : - -
< O e PR WA WA AT Y {
© . : f
-05F TR : -
it | { il | [
0 10 20 30 40 50 80 70
T T T T T T
05k : - ‘ Sweeping motion (peak accel = 0.259)|—
3] : : :
_0'5_ .......... . ' -
| | 1 1 1 1
0 10 20 30 40 50 60 70
time (sec)

(b) Step-wave and frequency sweeping motions

Figure 4.5: Recorded centrifuge base motions



71

(a) Translations (b) Rotations

Figure 4.6: Convention used for local translation and rotation in the superstructure

response. Table 4.3 summarizes the structures and input motions used in the simulations.

The motion ID can be used to identify the motions in the centrifuge test data reports.

4.4 Numerical Modeling of Centrifuge Tests

This section presents a brief description of the OpenSees finite element program and the
numerical models developed to simulate the response recorded in the centrifuge experimental

tests.

4.4.1 Open System for Farthquake Engineering Simulation (OpenSees)

OpenSees is a finite element framework developed by the Pacific Earthquake Engineering
Research Center (PEER) to simulate the response of structural and geotechnical systems
subjected to earthquakes (http://opensees.berkeley.edu/).

OpenSees was developed for an open source software using objected-oriented paradigms
in C++ so that researchers and developers could easily implement, modify, and add new
elements and material models in the finite element platform. The OpenSees input script
(user interface) is written in a string-based scripting language, T'cl, which allows simulations

to be performed using basic language features such as variable substitution and evaluation
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Table 4.3: Summary of centrifuge test and simulations

test motions used in simulations structure models
name type ‘ amaz (8) ' motion ID || structure ' name ‘ embedment | height
step-wave 0.100 MIL01-11 single pile sPile-1 9.9D 1.8D
Northridge 0.080 MIL01-13 two-column bent Bent-M2 12.1D 3.3D
CFG1 0.250 MILO1-14 two-span bridge Bent-S 13.2D 2.2D
0.600 MILO01-15 Bent-L 9.9D 5.5D
0.740 MIL01-16 Bent-M 12.1D | 3.3D
step-wave 0.080 MIL02-03 single pile sPile-2 12.1D 3.3D
Northridge 0.250 MIL02-11 oriented bents Bent-00 12.1D 3.3D
CFG2 0.600 MIL02-12 Bent-30 12.1D 3.3D
0.780 MIL02-13 Bent-60 12.1D 3.3D
sweeping 0.410 MIL02-16 Bent-90 12.1D 3.3D
step-wave 0.04 MIL03-02 || single pile (short) sPile-S 5.0D | 3.3D
Northridge 0.25 MIL03-03 || single pile (medium) sPile-M 75D | 3.3D
0.74 MIL03-15 || single pile (long) sPile-L 12.1D | 3.3D
CFG3 long-long heavy bent Bent-LL-Hy 12.1D 3.3D
sweeping 0.25 MIL03-11 short-short heavy bent | Bent-SS-Hy 5.0D 3.3D
long-short heavy bent Bent-LS-Hy 12D/s5D | 3.3D
long-short light bent Bent-LS-Lt 12D/5D 3.3D
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and control structures (e.g., if, for, while).
One important aspect of OpenSees is that it is capable of modeling 1-D to 3-D nonlinear
structural and geotechnical systems using a variety of different structural and geotechnical

material models.

4.4.2  Modeling concept using Dynamic Beam-on-Nonlinear- Winkler Foundation (BNWF)
Model

When a pile or a pile-supported structure is subjected to an earthquake, the pile is
excited by kinematic forces that originate from the soil motion as well as by inertial forces
that come from the superstructure vibration. The soil motion experienced near the pile
is usually referred as near-field and is associated with soil-pile-structure interaction. The
soil motion experienced far enough from the pile to be uninfluenced by nonlinear, local
interaction is referred as far-field or free field. In coupled analyses, where the pile and soil
are coupled together by interface springs (p-y, t-z, and ¢-z), a 1-D shear beam soil column
can be used to provide the free-field (far-field) motion and the soil-pile-structure interaction
(near-field) can be considered to occur at the interface springs. To capture the free-field
motion, the soil element out-of-plane thickness in a 2-D plane strain model was increased so
that the soil motion is not affected by the existence of the pile. Figure 4.7 shows a schematic
of an OpenSees soil-pile-structure interaction model using p-y springs. t-z and g¢-z springs

are included to account for the vertical soil-pile interaction due to the structural self-weight.

4.4.8 Material Models Used in BNWF Model

Figure 4.8 shows schematics of the material models used in OpenSees to capture the
response of a bridge system. The centrifuge soil was modeled using a pressure-dependent
elasto-plastic constitutive model, here referred as Pressure Depend Multi Yield (PDMY),
proposed by Yang et al. (2003). The interface spring elements consisted of elastic, plastic,
and gap components connected in series using API (1993)’s recommended backbone curves

for sand and clay (Boulanger et al., 1999). Ultimate lateral soil resistances (p.;) were
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(a) Soil-pile-structure interaction (b) Dynamic BNWF model with interface springs

Figure 4.7: Modeling of soil-pile-structure interaction in a single pile using p-y, t-z, and Q-2
springs

calculated based on overburden stresses obtained from gravity analyses and using Reese’s
criteria (Reese et al., 1974). Values of yso were calculated by solving API p-y curve in

Equation 4.1 for 50% of py;.

kz
P = Py tanh [——— y} (4.1)
Pult

where 2 is depth, k is a coefficient that can be determined from API (1993) charts based
on density (or friction angle) and ground water condition. The ¢-z ultimate frictional shaft
resistance (t,;:) was obtained using a 0.5 lateral earth pressure coefficient and 32° concrete-
soil friction angle, and assuming the friction angle of the soil was 37°. The Q-z ultimate tip
resistance (gy¢) was evaluated using Coyle and Castello (1981)’s approach. The pile was
modeled using nonlinear fiber beam column elements and the plastic tubing was ignored in

the fiber section definition.

4.4.4 Modeling of single piles and two-column bents

The single pile structures (sPile-1 in CFG1, sPile-2 in CFG2, and sPile-L, sPile-M, sPile-
S in CFG3) were modeled using BNWF models as shown in Figure 4.7b. The two-column
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Figure 4.8: Material models for soil, interface springs and pile in OpenSees

bridge bents (Bent-L, Bent-M, Bent-S in CFG1 and Bent-LL-Hy, Bent-SS-Hy in CFG3)
were modeled using a two-column bent structure configuration as shown in Figure 4.9 with

the two soil columns allowing vertical rocking.

4.4.5 Modeling of Two-column Bents in CFG2 and CFG3 (Bent-00, Bent-30, Bent-60,
Bent-90, Bent-LS-Hy, and Bent-LS-Lt)

Modeling soil-structure interaction of two-column bridge bents excited by an earthquake
acting in an arbitrary direction, such as 30° and 60°, is more complicated than modeling the

unidirectional excitation case; where the shaking is in the bridge longitudinal or transverse
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directions. To properly address this problem it is usually necessary to use three-dimensional
finite element (FEM) models. However, full 3-D FEM analyses are computationally expen-
sive and require the use of advanced soil constitutive and soil-pile interface models. There-
fore, a simplified decoupled approach was used to capture the 3-D response in this study.
The selected method was based on two main simplifications. First, two perpendicular lateral
p-y springs were used in an effort to capture multi-directional soil-pile interaction assuming
the response in the direction parallel to the bent (x-direction in local axis in Figure 4.6) has
no effect on the response in the direction perpendicular to the bent (y-direction in Figure
4.6). Second, the free-field response was decoupled in two perpendicular directions. For this
purpose, the longitudinal base motion was decomposed into two components; one parallel
to the local x-axis and the other parallel to the local y-axis. The decomposed motions were
separately used to calculate free-field motions along the pile depth. The resulting free-field
(i.e., far-field) motions were applied to pile interface springs (i.e. near-field system) in two

directions. The process is schematically shown in Figure 4.10.

The two-column bents supported by one short pile and one long pile (Bent-LS-Hy and

Bent-LS-Lt) were modeled using 3-D structures embedded in 2-D soil columns with different
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soil conditions as shown in Figure 4.11. The bent structures were connected to soil nodes

and fixed nodes in two perpendicular directions using p-y springs.

4.4.6 Modeling of a two-span bridge in CFG1

The bents used to capture the response of the two-span bridge in CFG1 had different
clear heights due to different ground surface elevations. This structural configuration led to
different lateral stiffness and different lateral response of each bent resulting in twisting of
the bridge deck. This response is illustrated in Figure 4.12b. For this reason, the bridge was
modeled using a 3-D structure connected to several 1-D soil columns at each bent column
location. The bridge column was connected to soil nodes by p-y springs in the transverse
direction and to fixed nodes in the longitudinal direction as shown in Figure 4.12. The use
of three different soil column heights allowed each bridge bent to be subjected to different

freefield motions.

4.5 Summary

This chapter introduced the three centrifuge tests performed in the U.C. Davis centrifuge
facility to investigate SPSI of bridge structures subjected to different levels of system non-
linearity. The bridge structures include: i) a two-span bridge whose columns have different
clear heights, ii) several two-column bents oriented at different angles with respect to the
primary shaking direction, and iii) several bents and single piles with different pile embed-
ment lengths and masses. These models were subjected to various earthquake motions with
different intensities and frequency content.

The Open System for Earthquake Engineering Simulation (OpenSees) framework was
used in all the simulations. Several numerical modeling strategies for the bridge structures
with various geometric and loading conditions were described considering two- and three-

dimensional structures connected to soil columns through conventional p-y interface springs.
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Figure 4.11: Modeling of Bent-LS-Hy and Bent-LS-Lt
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Chapter 5

DYNAMIC RESPONSE OF TWO-SPAN BRIDGE AND BENT
STRUCTURES EMBEDDED IN DENSE SAND

5.1 Introduction

The dynamic response recorded in the centrifuge soil, two-column bents, single-pile
bents, and two-span bridge was investigated and compared to OpenSees numerical simu-
lations obtained using BNWF models as described in Chapter 4. In this dissertation, the
physical response of bridge structures was examined and the capabilities of the BNWF mod-
els were evaluated. For this purpose, the soil response recorded in the centrifuge container
was compared to the simulated soil response to verify the 1-D shear beam soil model. Then,
the OpenSees BNWF models were validated by comparison with centrifuge test results for
a bent, a single pile, and a two span bridge.

To better understand the effect of SPSI in these structures, parametric studies were
performed for a bent and a single pile structure, focusing on the effect of different soil
motions and p-y parameters on the superstructure and pile response. In the sensitivity
analysis, the effect of the natural period of the soil-pile system on the structural response

was investigated. All the results and discussion are presented in Appendix A.
5.2 Soil Response in Centrifuge Experiments and Numerical Simulations

The soil response to seismic excitation was investigated using a 1-D soil shear beam model
in OpenSees. To verify the feasibility of using 1-D soil shear beam model, the simulated

response was compared to the centrifuge soil response.

5.2.1 Response of Centrifuge Container Soil and 1-D Shear Beam Soil Model

A simple 1-D shear beam model was used to model the soil in a centrifuge flexible shear

beam (FSB) container. In the shear beam soil model, the degrees-of-freedom of the nodes
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at the same elevation were equal in the horizontal and vertical directions. To account for
the lateral inertial forces due to the mass of the container rings, the inertial mass of the soil
was increased by 30 %.

In OpenSees, the shear modulus (G) of the Pressure-Dependent Multi-Yield (PDMY) is
determined based on a reference shear modulus and the effective confining pressure at each
soil depth, such that

G =G, (L) 5.1

by

where G, represents the reference shear modulus for a particular reference effective confining
pressure p’r (= 101 kPa). p/ is the actual effective confining pressure at a location. Knowing
G, shear wave velocities can be approximated from G = p vZ; where p is the soil density and
v, is the shear wave velocity. Considering several reference shear moduli, OpenSees soil shear
velocity profiles can be generated. Figure 5.1 shows OpenSees soil shear velocity profiles
together with empirical values obtained using Equations 5.2 and 5.3 (Seed and Idriss, 1970;
Arulanandan et al., 2000). The coefficient K5 in Equation 5.2 can be determined from void
ratio or relative density. The shear wave velocity profile for the soil used in the centrifuge
container was estimated measuring wave travel times between adjacent accelerometers in
the accelerometer array; schematically shown in Figure 5.2. The estimated average shear

velocity was about 250 m/sec in the CFG3 test specimen. Comparing this value to possible

OpenSees shear wave profiles, a G, = 91,000 kPa was chosen as reference soil shear modulus.
Gmaz = 1000 Ky (p')%® (5.2)

vs = 65.8 (p')%5 (5.3)

To gain a better understanding on the soil response, the mode shapes for a 2-D soil
container model and 1-D shear beam model were evaluated in OpenSees using eigenvalue
analyses. The eigenvalue analyses were performed for the initial soil condition before apply-
ing the earthquake excitation (i.e., including only self weight). The 2-D soil container model
was generated using the soil container dimensions and setting the most outward nodes at

each elevation to have the same horizontal degrees-of-freedom. Figures 5.3 and 5.4 illustrate
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several lateral mode shapes for the 2-D soil container and 1-D shear beam models showing
the 2-D soil container model was able to capture various mode shapes including rocking
while the 1-D soil model could capture the 1-D vertical shear wave propagation mode. The
first natural period of each soil model was 0.515 sec and 0.475 sec, respectively. The actual
natural period of the soil in the centrifuge container was investigated using transfer func-
tions (ratio of Fourier amplitudes at 2.6m in the soil and at the base) obtained using the
soil response recorded in the centrifuge. A similar approach was used to investigate the first
natural period using a 1-D shear beam and the 2-D soil container model simulations. Values
of the transfer functions at frequencies greater than 4 Hz are not shown in the figures; since
the Fourier amplitude ratios due to very small soil amplitudes produced unrealistic spikes

for these large frequencies.

Figure 5.5 shows that the actual natural period of the centrifuge soil was about 0.67
sec (1.5 Hz), which is a little longer than that obtained from the eigenvalue analysis due to
soil nonlinearity. This figure shows that the 2-D soil container model captured the natural
period well. Figure 5.6 shows the 1-D soil shear beam model gave a slightly shorter natural
period (0.57 sec or 1.75 Hz). Figure 5.6 shows that the use of a 1-D soil shear beam model
underestimated the response at 1.0 to 1.5 Hz and overestimated the response at 1.5 to
2.4 Hz. Figure 5.7 compares simulation results for the 1-D soil shear beam and 2-D soil
container models in terms of acceleration response spectra showing that the centrifuge soil

response was better captured by the 2-D soil model than the 1-D soil shear beam model.

To evaluate the feasibility of using the 1-D soil column model, several different intensity
motions were considered. Figure 5.8 compares centrifuge and 1-D soil column acceleration
time histories. Overall, the 1-D soil column model captured the soil response reasonably well
for motions with different levels of intensity and frequency content; even though the peak
acceleration is slightly overestimated in the 1-D soil column model. This can be attributed
to the shorter fundamental period of the 1-D soil column; which indicates a stiffer soil

column system than the 2-D soil container model or centrifuge soil.
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(a) T=0.515 sec (b) T=0.277 sec
(c) T=0.244 sec (d) T=0.193 sec

Figure 5.3: Mode shapes for two-dimensional soil model container (based on the initial soil
stiffness before shaking)

(a) T=0.475 sec (b) T=0.176 sec

(c) T=0.109 sec {d) T=0.078 sec

Figure 5.4: Mode shapes for one-dimensional soil column model (based on the initial soil
stiffness before shaking)
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Figure 5.5: Transfer function between soil (2.6 m) and base in CFG3 and 2-D soil model

simulation: frequency sweeping motion, a,me, =0.25g
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5.3 Response of Two-column Bent and Single Pile Structures

In this section the results obtained from OpenSees simulations and centrifuge tests are
compared to investigate the ability of the dynamic BNWF model to capture the response of
a two-column bridge bent (Bent-M2 in CFG1) and a single column bent (sPile-1 in CFG1)

subjected to shaking in the transverse direction.

5.3.1 Two-Column Bridge Bent Response (Bent-M2 in CFG1)

Figures 5.9 through 5.11 compare the centrifuge response of a two-column bridge bent
(Bent-M2 in CFG1) to the response predicted by numerical simulation. The figures show
that the simulated acceleration time histories, Fourier spectra, and response spectra of
the superstructure were in good agreement with the measured centrifuge test results for
moderate and strong shaking. The maximum bending moments were also well captured in
OpenSees. However, for strong shaking, the location of the simulated maximum bending

moment was slightly deeper and larger than that recorded in the centrifuge test.

5.3.2 Single Pile Response (sPile-1 in CFG1)

Figures 5.12 and 5.13 compare the centrifuge response of a single pile structure (sPile-1
in CFG1) to that predicted by numerical simulations. The results show that the super-
structure response was well captured in OpenSees for both moderate and strong shaking.
However, Figure 5.14 shows that the maximum bending moment in OpenSees was under-
estimated, especially near the ground surface. Extrapolated values from two centrifuge
bending moment records above the ground surface were about two times the simulated re-
sults. This maximum bending moment difference was not consistent with the well-matched

superstructure acceleration response.

5.3.8  Effect of Soil and Structure Nonlinearity on Observed Response

As the motion intensity increased, the response of the soil and structure was affected by
the nonlinearity of the soil and structural materials. Figure 5.15 shows peak accelerations

in the superstructure and soil (2.6 m depth) for motions with increasing intensity. Since
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Figure 5.10: Superstructure acceleration response spectra for Bent-M2 obtained from cen-
trifuge test and numerical simulations (CFG1)
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Figure 5.14: Maximum pile bending moments for sPile-1 obtained from centrifuge test and
numerical simulations (CFG1)

the surface elevations of the soil, where Bent-M2 and sPile-1 were embedded, were different,
the soil response measurement locations were different resulting in slightly different peak
accelerations; as shown in Figures 5.15b and 5.15d. The variation of peak acceleration in
the superstructure and soil due to increasing base peak accelerations shows clear evidence
of nonlinear response occurring in the soil-foundation system. The figures also show that
the superstructure peak accelerations for the bent and single pile were well captured by
the OpenSees simulations for motions with various intensities. However, the soil (2.6 m
depth) peak accelerations were overestimated by OpenSees for most motions. The reason
for this inconsistency or discrepancy (i.e., good estimation of superstructure response with

overestimated soil response) will be investigated later in this chapter.

5.3.4 Consistency (Repeatability) of Centrifuge Test Results

Several structures in different centrifuge tests (e.g., Bent-M2 in CFG1 and Bent-00 in
CFG2) were shaken with similar base motions. The response of these structures subjected

to similar base motion were compared to investigate consistency (repeatability) of results.
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Figure 5.16 shows the response spectra for the superstructure, 2.6m-depth soil, and base
motions in CFG1 and CFG2 were similar for two different intensity motions, indicating the
centrifuge response recorded in two different centrifuge tests was consistent when similar
base motions were applied.

Since Bent-90 was subjected to shaking in the longitudinal direction, its response was
expected to be similar to that of a single pile with the same tributary mass. Figure 5.17
presents the superstructure response for Bent-90 and sPile-2 in CFG2, showing the response

of Bent-90 was slightly larger than that of single pile.

5.8.5 Inertial Effect on Bent and Single Pile Structures

To investigate the contribution of the inertial force on the pile response, the inertial mass
was removed in the next series of OpenSees simulations. Figure 5.18 compares pile bending
moments obtained from centrifuge tests and OpenSees simulations (without inertial mass)
for a strong motion. The figure clearly shows the kinematic contribution to the simulated
bending moments was very small indicating the superstructure inertial force controlled the
pile behavior. Therefore, it was inferred that the large bending moments near the surface
recorded in the centrifuge originated from the superstructure inertial force that developed
during shaking.

5.4 Two-Span Bridge Response in Centrifuge Experiments and Numerical
Simulations

This section presents numerical and experimental results corresponding to the two-span
bridge. The three individual bents were subjected to a small shaking before connecting the
bridge deck to the bents. After connecting the bridge deck, various motions were applied

to the bridge.

5.4.1 Effect of Bridge Deck Connection to Individual Bent Response

Bent-L, Bent-M, and Bent-S in CFG1 test were subjected to small shaking (ame; =
0.10g) before and after the bridge deck was connected. The individual bent response

recorded in CFGI1 test was compared to show the effect of bridge deck connection and
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Figure 5.17: Superstructure response in Bent-90 and sPile-2 in CFG2 - Northridge events
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bent-to-bent interaction. The response spectra presented in Figure 5.19a clearly show that
the bents had different fundamental periods and peak accelerations before deck connection.
From the figures, Bent-S had the shortest fundamental period and showed the largest peak
acceleration. Bent-L had the largest natural period and showed the smallest peak acceler-
ation. In contrast, Figure 5.19b shows that after connecting the deck the three bents had
a similar fundamental period and showed similar peak accelerations; even though Bent-S
had a slightly shorter fundamental period than the other bents. The short period observed
at Bent-S after connecting the deck was attributed to a larger lateral stiffness due to its
short clear height. Figures 5.19¢ to 5.19e show the effect of bridge-deck-connection on the
individual bent response is presented. The figures show that after connecting the deck,
Bent-S had a smaller peak acceleration and the same natural period while Bent-L had a
larger peak acceleration and shorter natural period. Figure 5.19f shows soil acceleration
response spectra at 2.6 m depth indicating the input motions were the same before and

after connecting the deck.

5.4.2 Centrifuge Test Results of Two-Span Bridge

After connecting the deck, several moderate to strong shaking motions were applied
to the bridge. Figure 5.20 compares the recorded response of the superstructure, pile at
2.6 m depth, and soil at 2.6 m depth at each bent location. The Bent-L pile response at
2.6 m depth was not recorded during the strong shaking event due to an instrumentation
malfunction. For moderate shaking (Figure 5.20a, 5.20c, and 5.20e), the three bents showed
similar superstructure response while the pile response at 2.6 m depth was different at each
bent, especially the peak accelerations. The pile response at 2.6 m depth, shown in Figure
5.20c, represents the near-field motion resulting from soil-pile-structure interaction at that
depth. The soil response at 2.6 m depth shown in Figure 5.20e represents the far-field
motion which is not affected by this interaction. For strong shaking, the recorded peak
acceleration at Bent-M (Figure 5.20b) was smaller than that for the two other structures.
The difference can be attributed to the bridge deck rotation that was generated due to

different lateral stiffness at each bent.
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5.4.8 Comparison of Centrifuge Test Results and OpenSees Simulations

Figures 5.21 through 5.23 show comparisons between the responses recorded in the cen-
trifuge tests and those obtained from OpenSees simulations for each bent. The figures show
that the superstructure response and maximum pile bending moments were well captured
in OpenSees for moderate shaking. However, for strong shaking the OpenSees simulations
showed shorter fundamental periods and slightly smaller maximum bending moments than

those recorded in the centrifuge tests.

Figure 5.24 shows recorded and simulated maximum bending moments below the ground
surface, and their corresponding depths, for each bent and for different shaking levels. The
figure shows that each pile experienced different maximum bending moments at different
depths for different motions. In the centrifuge tests, Bent-M showed the largest bending
moment for small shaking events. However, Bent-S showed the largest bending moment
for strong shaking events. This can be attributed to the fact that the bridge experienced
twisting (in deck-plane) during the small and moderate shaking; increasing the demand on
the medium bent. This rotational response was attributed to the incoherent soil response
due to the differently elevated ground condition and different column clear-heights. The
response observed in the simulation showed a similar pattern, especially for moderate shak-
ing (amqer = 0.25g). However, the maximum bending moments were smaller than those
recorded in the centrifuge test for strong shaking and the corresponding depths were deeper

than those recorded in the experimental tests.

Figure 5.25 shows soil resistance distribution at the time of maximum shear force.
llankatharan et al. (2006) back-calculated the centrifuge soil resistance from pile bend-
ing moment data. The OpenSees soil resistances were recorded at the p-y springs. It is
clear that the centrifuge soil resistances are greater near the surface than Reese (1974)’s
ultimate soil resistance values. The OpenSees soil resistance was smaller near the surface
and greater at larger depths than those back-calculated from the centrifuge results. In the
figure, it is shown that the maximum soil resistance mobilized in Bent-S increased with

motion intensity and happened at deeper locations.
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Figure 5.23: Centrifuge and OpenSees bridge superstructure response and pile bending

moments for Northridge event, a,q,=0.25g
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5.5 Summary

The dynamic response of the soil and several drilled-shaft-supported structures (two-
column bent, single-pile bent, and two-span bridge) in the centrifuge test was investigated
using dynamic Beam-on-Nonlinear-Winkler-Foundation (BNWF) models in OpenSees nu-
merical simulations. In this study, the physical response of bridge structures, especially the

nonlinear soil-pile-structure interaction was investigated.

To better understand SPSI in these structures, parametric studies were performed for
a bent and a single pile structure, focusing on the effects of different soil motions and p-y
parameters on the superstructure and pile response. In this study, the effect of the natural

period of the soil-pile system on the structural response was investigated.
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5.5.1 Centrifuge Experiments for Bridge Structures

In the centrifuge experiments, the two-span bridge, bents and single pile structures were
supported by drilled shaft foundations installed in fairly good soil conditions (i.e, dry dense
sand). The individual bents of the bridge structure had different clear heights above the

ground surface due to varying ground surface elevation across the bridge.

5.5.2  Numerical Simulation of Centrifuge Experiments

The response of the bridge structures studied in the centrifuge experimental tests was
simulated in OpenSees using dynamic BNWF models. For this purpose, 1-D shear beam soil

models were coupled to two- or three-dimensional nonlinear structure models using interface

p-y springs.

Soil Response

Using the Pressure-Dependent Multi-Yield (PDMY) elasto plastic material model avail-
able in OpenSees, the soil response in the centrifuge container was captured reasonably well
for motions with various intensities. The 2-D soil model used to represent the centrifuge

container dimension gave slightly better results than the 1-D soil model.

The natural period of the soil in the centrifuge container was investigated by evaluating
the transfer function between the base and the soil at 2.6 m depth. It was also compared
with simulations obtained using 1-D shear beam and 2-D centrifuge container soil models.
The natural period of the soil in the centrifuge test (0.67 sec) was longer than that obtained
from OpenSees eigenvalue analyses (0.52 sec for 2-D model and 0.48 sec for 1-D model
based on elastic soil properties). In particular, the natural period of the 1-D shear beam
soil model was shorter indicating a slightly stiffer soil system. Using the nonlinear PDMY
soil model and the 2-D soil container model, the transfer function was captured very well

in OpenSees.
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Response of Bent, Single pile, and Two-span Bridge

The OpenSees two-column bent simulation results were in good agreement with the
centrifuge results in terms of superstructure acceleration and pile bending moments. The
response of the single pile structure was also well captured in OpenSees, especially in terms of
superstructure accelerations. However, in the single pile, the maximum bending moments
near the ground surface were underestimated for strong shaking and frequency sweeping
shaking.

For the two-span bridge structure, the numerical model captured the centrifuge response
reasonably well for various motions including bridge twisting due to varying ground surface

elevation and maximum bending moment distribution.

Conclusion from Bridge Structure Simulations

From this simulation study, it is concluded that the dynamic BNWF models based on
conventional p-y springs can capture the dynamic response of bridge structures supported

by drilled shaft foundations installed in fairly good soil conditions (i.e, dry dense sand).

5.5.3 Sensitivity Studies for Bent and Single Pile Structures

To understand the effect of soil-pile-structure interaction in this bridge structure and to
enhance user’s confidence on interface spring parameter, parametric studies were performed
using OpenSees, considering the effects of soil motion and p-y spring stiffness and ultimate

resistance on the superstructure and pile response.

Soil Motion Effect on Structure Response

To change the soil motion, various soil masses and stiffness were used. The bent and
single pile response seemed to be insensitive to the change in soil motion for moderate and
strong shaking. The reason is that the frequency range affected by the changes in soil
motion was far from the natural period of the soil-structure system This observation was

more evident in the single pile which had a longer natural period.
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P-y Spring Parameter Effect on Superstructure and Pile Response

A p-y spring parametric study was conducted considering different p-y spring stiffness
and ultimate resistances. Parameters were increased and decreased by 20% with respect to
the base model parameters (Details on the parametric study are included in Appendix A).

To investigate the depths at which the p-y springs affect the superstructure response,
several cases were considered: a near-surface region (from the surface to 3D depth), a deep
region (below 3D depth), and full pile embedment depth. The change of both p-y parameters
at deeper depths did not affect the superstructure and pile response. When the near-surface
region and full depth region were considered, the superstructure response was very similar.

The p-y stiffness parameter change did not affect the bent and single pile superstructures
response for moderate and strong shaking. However, the maximum bending moments and
shear forces were slightly affected by the stiffness change, especially at large depths (e.g.,
greater than 3D). The change in p-y spring ultimate resistance did not affect the super-
structure response at the bent and single pile structure for moderate and strong shaking.
Especially, the peak superstructure acceleration was barely changed. However, the bending
moment and shear force distributions were influenced. When the ultimate p-y resistance
was decreased, the maximum bending moment (i.e, point of zero shear force) location moved

deeper.

Natural Period of Soil-pile System

The natural period of the soil-foundation system was investigated by evaluating transfer
functions between the soil and superstructure. From the study, it was found that the natural
period of the soil-foundation system plays an important role in SPSI for bridges. The
frequency content of the base, or soil, motion significantly affected the structural response
(depending on the natural period of the soil-pile system).

One interesting observation in this study was that the natural periods of the soil-
structure system varied due to the system nonlinearity associated with the motion char-
acteristics and intensity. For example, the natural period of the bent and single pile sub-

jected to moderate shaking were about 1.0 and 2.5 seconds, respectively. However, for the
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frequency sweeping motion, the natural periods become 1.2 and 3.2 seconds (about 15%
and 30% increase), respectively. To investigate the natural period variation during shak-
ing, eigenvalue analyses were performed in OpenSees at every time step for a single pile
structure. For moderate shaking, the natural period increased from 2.0 sec to 2.3 sec (15%
increase). For strong shaking, the natural period increased from 2.0 sec to 2.7 sec (35%

increase).

Conclusion from Sensitivity Study

From the sensitivity study, it is concluded that the bent and single pile superstructure
response is insensitive to changes of soil ground motion and initial stiffness and ultimate
resistance of p-y spring. The change of ultimate resistance slightly affects the bending mo-
ment distribution in the pile. One source of this insensitivity originates from the hyperbolic
characteristics of the p-y curve envelope which shows a plateau after reaching ultimate

resistance without any hardening.
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Chapter 6

RESPONSE OF BRIDGE BENTS WITH DIFFERENT PILE
EMBEDMENT LENGTHS AND SHAKING ORIENTATIONS

6.1 Introduction

This chapter presents an investigation of different conditions that can be encountered
in bridge structure design and analysis using motions of different intensities and frequency
contents. The study included: i) bent structures subjected to different orientations of
shaking, and ii) several bent and single pile structures with different pile embedment lengths.
These scenarios were aimed at investigating higher nonlinear soil-pile-structure interaction

with heavier superstructure mass and different pile embedment lengths.

6.2 Response of Two-column Bents Subjected To Various Orientation of Shak-
ing

This section presents the results of response analyses of bent structures oriented at
different angles with respect to the direction of shaking. Details of the models used in this
study are presented in Section 4.4. The aim of this study was to understand the effect of
shaking orientation on bent response. Simulation results for Bent-00, Bent-30, Bent-60, and
Bent-90 were compared with centrifuge test results in terms of superstructure accelerations
and pile bending moments in the transverse and longitudinal directions.

Figure 6.1 shows the superstructure response for the four oriented bents in two perpen-
dicular directions. The superstructure response was well captured by the OpenSees simu-
lations. The oriented bents showed relatively small twisting (6,,) - i.e., the translational
response dominated.

At the top of the bent columns, Bent-00 and Bent-30 showed similar translational re-
sponse in the transverse direction (i.e. x-direction) and Bent-60 and Bent-90 showed similar
translational response (a,1 and ayo in Figure 4.6) in the longitudinal direction with relatively

small amplitudes. The high frequency content observed in Bent-60 and Bent-90 acceleration
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time histories were associated with superstructure rotation (6,;) around the x-axis.

Figure 6.2 shows envelopes of maximum bending moment for the four oriented bents in
two directions. The third column shows combined maximum bending moments calculated
as the square root of sum of the squares (SRSS) using OpenSees simulation results. These
values can be considered representative of the actual demand on the piles. The figure shows
that the bending moments were well captured in OpenSees. The bending moment plots
show that Bent-00 had the largest maximum bending moment at the top of the column.

The maximum acceleration in the transverse direction (a;) correlated well with the peak
transverse acceleration of Bent-00 multiplied by the cosine of the bent angle. The maximum
accelerations in the longitudinal direction (ay1) correlated well with the peak longitudinal
acceleration of Bent-90 multiplied by the sine of the bent angle. Figure 6.3 shows these

results. This relationship can be approximated by

Az,maz(0) = Az maz(0°) X cos(h) (6.1)

ay,mam(e) = ay,maz(goo) X sin(6) (6.2)

where 6 represents the bent structure orientation with respect to the shaking direction.
Figure 6.4 shows the rotational response of the superstructure. The superstructure
rotation (fy,) around the y-axis was small for all structures while the rotation (6,,) around
the x-axis was about 2 degrees for strong shaking events. The twisting rotation (6,,) was the
largest in Bent-60. The rotation response (8y,) and (0,) were well captured in OpenSees.

The twisting rotation (6,,) could not be captured well in OpenSees.
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Rotation response of oriented bent superstructure - Northridge event,
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6.3 Response of Bridge Structures with Various Pile Embedment Lengths

This section presents results corresponding to the response of bridge structures supported
by one or two pile foundations with different pile embedment lengths and superstructure
masses. The objective of this study was to understand the effect of pile embedment length
on the structure response. For this purpose, several bridge structures were considered in

the centrifuge (CFG3) and in corresponding numerical simulations:

e two heavy bents subjected to shaking in the transverse direction (Figure 4.4b) : Bent-

LL-Hy with two long piles and Bent-SS-Hy with two short piles

e three single pile structures with different pile lengths (Figure 4.4b): sPile-L, sPile-M,
and sPile-S

e heavy and light bents subjected to shaking in the longitudinal direction (Figure 4.4c):
a heavy bent (Bent-LS-Hy) supported by one short and one long pile, and a light bent
(Bent-LS-Lt) supported by one short and one long pile.

The centrifuge test results recorded in CFG3 were first compared to each other to under-
stand the physical response. Then, the centrifuge test results were compared to OpenSees
simulation results to show the capability of the dynamic BNWF model simplification for
various structural conditions.

As a preliminary step, the theoretical pile embedment length (critical length) was eval-
uated using Equation 2.21 (Randolph, 1981). If pile embedment is greater than a critical
length, the lateral response of the pile is not significantly affected by the additional pile
length. The critical length for the single piles was found to be about 6D to 8D; depending
on soil subgrade modulus. This means that Bent-SS-Hy and sPile-L. would be considered

as flexible piles.

6.3.1 Response of Heavy Bents Supported by Two Long Piles and Two Short Piles
(Bent-LL-Hy and Bent-SS-Hy)

The effect of pile embedment length on the bent response was investigated for the heavy

bents subjected to shaking in the transverse direction. Bent-LL-Hy had a 12D pile length
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and Bent-SS-Hy had a 5D pile length. The superstructure mass was increased in both bents
by 50% of the bent superstructure mass (e.g., Bent-M) to force higher nonlinear soil-pile-

structure interaction effects.

Centrifuge Test Results

Figures 6.5 and 6.6 compare the centrifuge response of Bent-LL-Hy and Bent-SS-Hy in
terms of superstructure acceleration time histories and response spectra in the transverse
direction. The response of Bent-LL-Hy and Bent-SS-Hy were slightly different for different
motions. For small shaking (Step-wave, aq,=0.04g), Bent-SS-Hy showed a shorter funda-
mental period and a slightly larger peak acceleration. For moderate shaking (Northridge,
(maez=0.25g), Bent-LL-Hy and Bent-SS-Hy showed similar response. For strong shaking
(frequency sweeping motion, apq,=0.41g), Bent-SS-Hy showed shorter fundamental period
and a smaller peak acceleration. The acceleration time histories plots show that Bent-SS-Hy

exhibited a shorter response period.

Comparison of Centrifuge Test Results and OpenSees Simulation Results

Figures 6.7 and 6.8 show comparisons between the simulated superstructure response
and centrifuge results. For moderate Northridge shaking, the response of both structures
was well captured in OpenSees. For Bent-LL-Hy, the frequency content in the 0.5 to 1.0
Hz range was underestimated and the frequency content in the 1.0 to 1.5 Hz range was
overestimated by OpenSees, while for Bent-SS-Hy the frequency content in the 1.0 to 2.0 Hz
range was overestimated by OpenSees. Figure 6.8 shows a similar effect for strong shaking
(frequency sweeping, amq,=0.41g) and a large difference in peak acceleration and maximum
bending moment is clearly noticeable. Since the structures were heavy, the underestimated
peak superstructure acceleration was clearly reflected in the pile force. Figure 6.9a and 6.9b
show that for small and moderate shaking events, the centrifuge maximum pile bending
moments were well matched in OpenSees. However, it is shown in Figure 6.9c that for

stronger events the OpenSees predictions were much smaller than the measured values.
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6.5.2 Response of Three Single Piles with Different Pile Length (sPile-L, sPile-M, and
sPile-S)

To understand the effect of pile embedment length on the dynamic response of single
piles, three different pile embedment lengths (12.1D, 7.5D, and 5.0D) were considered and

the results recorded in centrifuge test and OpenSees simulations compared.

Centrifuge Test Results

The three single piles (sPile-L, sPile-M, sPile-S) tested in CFG3 had different embedment
lengths (12.1D, 7.5D, and 5.0D) and the same clear-height above the ground surface. Figure
6.11 compares the centrifuge accelerations response spectra for the three structures and
several motions. For the step-wave shaking, sPile-S showed a shorter fundamental period
and larger peak acceleration than sPile-L and sPile-M. This is similar to what was observed
in Bent-SS-Hy. For most shaking events, sPile-L and sPile-M showed similar response
indicating the pile embedment length below the 7.5D depth did not affect the dynamic
superstructure response. However, for strong shaking (frequency sweeping, amaqr=0.41g),

the peak acceleration of sPile-S was smaller than that recorded in the other two structures.

Comparison of Centrifuge Test Results and OpenSees Simulations

Figure 6.12 through 6.14 show comparisons between the centrifuge response and OpenSees
numerical simulations for the three structures. Overall, the response of the three super-
structures was well captured in OpenSees even though high frequency contents are slightly
overestimated in OpenSees. For small and moderate shaking, pile bending moments were
reasonably well predicted. For strong motions, however, the bending moments were under-

estimated in OpenSees.
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Figure 6.11: Structure response spectra for three single piles subjected to Northridge events
(@maez = 0.04g, 0.25g, and 0.74g) and frequency sweeping event (amq; = 0.41g): pile em-
bedment lengths = 12.0D, 7.5D, and 5.0D. For the moderate Northridge motion (ames =
0.25g), sPile-S superstructure response data could not be measured appropriately due to

instrumentation malfunction.
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6.3.3 Response of a Bent Structure with Long-Short-Pile- Embedment-Lengths
(Bent-LS-Hy and Bent-LS-Lt)

Bent-LS-Hy and Bent-LS-Lt were subjected to shaking in the longitudinal direction
as in Bent-90. Therefore, their response was expected to be similar to that of a single
pile structure. However, since Bent-LS-Hy and Bent-LS-Lt had different pile embedment
lengths (12D and 5D), the response was expected to a combination of the response recorded

in sPile-L and sPile-S, and rocking was also expected.

Centrifuge Test Results

Figure 6.15 shows a comparison between the centrifuge response of the superstructure
at two locations, next to the long and short piles (a,1 and ayo in Figure 4.6) for several
motions. The figures in the left column of Figure 6.15 compare the superstructure response
recorded in the heavy structure (Bent-LS-Hy). The figures in the right column of Figure 6.15
compare the superstructure response recorded in the light structure (Bent-LS-Lt). Bent-LS-
Hy showed very similar accelerations at the two locations (a,1 and ay2) indicating negligible
twisting (#,,). However, Bent-LS-Lt showed higher amplitude at low periods (0.1 to 0.5

sec) at the short pile location.

Comparison of Centrifuge Test Results and OpenSees Simulations

Figures 6.16 and 6.17 show comparisons between centrifuge results with OpenSees simu-
lations for Bent-LS-Hy and Bent-LS-Lt. The figures show recorded and simulated response
at two locations of the superstructure. The OpenSees simulations for Bent-LS-Hy show
that the low frequencies (0.2 to 0.8 Hz) were underestimated and higher frequencies (0.8
to 3.0 Hz) were overestimated at both long and short pile locations. In Bent-LS-Lt, the
response of the short pile (ay2) was well captured in OpenSees, but the long pile response
(ay1) was overestimated, especially at high frequencies. Figure 6.18 and 6.19 show recorded
and simulated maximum bending moment for both structures’ long piles. For small and
moderate shaking, the bending moments were well captured in OpenSees. For strong shak-

ing (frequency sweeping, amqz=0.41g), however, the OpenSees results were underestimated
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Figure 6.15: Comparison of centrifuge superstructure response spectra for Bent-LS-Hy and
Bent-LS-Lt (with different pile embedment lengths = 12.0D and 5.0D) in CFG3
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as observed in the single pile simulations.

6.4 Summary

6.4.1 Centrifuge Experiments for Bridge Structures

The two-column bents subjected to shaking in different directions showed that the trans-
lation response of the structure dominated and twisting was minor. The bent at a 30-degree
angle to the direction of shaking (Bent-30) showed a response similar to that observed in
Bent-00. The bent with 60-degree angle to shaking (Bent-60) showed high frequency oscil-

lations attributed to the superstructure rocking.

Three single piles were considered with different pile embedment lengths (12D, 7.5D, and
5D). The single piles with long and medium embedment lengths showed similar response
indicating that the pile section below 8D did not affect the dynamic superstructure response

for this particular soil conditions.

In two-column bents, long and short pile embedment lengths (12D and 5D) were con-
sidered and the superstructure mass was increased to force more nonlinear behavior. The
superstructure response was slightly different depending on motion intensity. For moderate
shaking, the two structures showed similar response. When strong shaking motions were
applied, however, the bent with longer pile embedment (Bent-LL-Hy) showed larger peak
acceleration with longer fundamental period than the bent with short pile embedment length
(Bent-SS-Hy). This motion dependency indicated the effect of nonlinear soil-pile-structure

interaction due to increased motion intensity and superstructure mass.

Targeting twisting and rocking, different pile embedment lengths (12D and 5D) were
considered with two different superstructure masses. Even with different pile embedment
lengths (Bent-LS-Hy and Bent-LS-Lt), the translational response of the superstructure dom-
inated and the twisting response was small. The heavier structure (Bent-LS-Hy) showed
very similar superstructure response at the long and short pile locations. The lighter bent

(Bent-LS-Lt) showed high frequencies associated with superstructure rocking.
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6.4.2 Numerical Simulation of Centrifuge Ezperiments

The numerical model could capture the oriented bent centrifuge response well, including
rocking behavior of the bent superstructure due to the orientation of shaking, and maximum
bending moment distribution. Similarly, the longitudinal peak acceleration of the oriented
bents was well correlated to the sine of the bent angle.

The superstructure response and pile force of Bent-LL-Hy and Bent-SS-Lt was well cap-
tured in OpenSees for moderate shaking. However, for the sweeping motion (amqe;=0.41g),
both acceleration and bending moments were underestimated. The three single pile su-
perstructure responses recorded in the centrifuge test were well captured in OpenSees for
various motions. However, the maximum bending moments were underestimated. The
results of the long-and-short-embedment-length bent structures (Bent-LS-Hy and Bent-LS-
Lt) subjected to the longitudinal direction of shaking were well captured in the OpenSees
simulations. However, the acceleration of the heavy superstructure (Bent-LS-Hy) was un-
derestimated for the frequency sweeping motions resulting in smaller maximum pile bending
moments.

Overall, the simulation results for the bent structures subjected to shaking in the lon-
gitudinal direction (Bent-LS-Hy and Bent-LS-Lt) and single piles (sPile-L, sPile-M, and
sPile-S) showed similar response (i.e., good estimation of superstructure acceleration, but
underestimation of pile force) for the Northridge motions. However, the peak accelera-
tions and bending moments of the heavier structure (Bent-LS-Hy) were underestimated in
OpenSees for the frequency sweeping motion. Similarly, the simulation results for the heavy
bent structure subjected to shaking in the transverse direction (Bent-LL-Hy and Bent-SS-
Hy) were underestimated in OpenSees for frequency sweeping motions; even though the
simulation results were well predicted for the Northridge motion.

From the simulation results, it is concluded that the dynamic BNWF model captures the
response of the structures i) subjected to various directions of shaking and ii) with heavier
mass and different pile embedment length reasonably well especially for small and moderate
shaking. However, the BNWF model underestimates the response of the heavier structures

when they are subjected to a frequency sweeping motion.
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Chapter 7

SPSI APPROXIMATION USING EQUIVALENT-CANTILEVER
BRIDGE MODEL

The structures used in the centrifuge experiments were made of aluminum since it was
impractical to build small scale reinforced concrete structures. Even though the aluminum
structures were designed to have stiffness similar to that of a target reinforced concrete
structure, the ductility and nonlinear behavior of both structures were different; this es-
pecially affected the structures subjected to strong shaking. In this context, in order to
investigate the response of more realistic nonlinear bridge structures, the aluminum bridge
structural models were replaced by a reinforced concrete bridge model calibrated by Ranf
(2007). Ranf calibrated the bridge model using experimental data from a large shaking table
test (Johnson et al., 2006) and strong wall tests (Makido, 2007). In the shaking table test,
a one-fourth scale model of a two-span reinforced concrete bridge was subjected to different
motions by three individual shaking tables. The properties and dimensions of the bridge in
the shaking table tests were consistent with those of the centrifuge bridge discussed in this
dissertation except for the longer span lengths (since the two tests were aimed to target the

same prototype bridge structure in their test designs).

The calibrated two-span bridge (including soil and p-y spring model verified in the
centrifuge simulation study) was used in this study to investigate the applicability of the

equivalent cantilever approach considering motions with various intensities.

For this purpose, the prototype and equivalent-cantilever model simulation results were
compared to find optimal fixity depths. Then the optimal fixity depths were compared with
the analytical solution of Chai (2002) for equivalent depth-to-fixity and depth-to-maximum-

moment.
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7.1 Equivalent Depth-to-Fixity Depth Approach for SPSI Simplification

Modeling drilled shaft foundation systems is usually approximated using several simpli-
fications. One way is to use foundation springs that represent the entire soil and foundation
system. In this approach, the spring parameters are obtained considering an elastic soil and
fixed or free pile head conditions [e.g., Novak (1974)]. The simplest method is to model the
structure above the ground surface without considering any soil and foundation.

Another simplified approach is to use an equivalent cantilever soil-pile system. In this
approach, the structure columns are extended below the ground surface to a certain depth
and the bottom of the extended columns are fixed so that the structure has an equivalent
lateral stiffness similar to that of the drilled shaft embedded in the soil. This method is
often referred to as the equivalent depth-of-fizity method.

The depth-to-fixity of the equivalent cantilever model is established by aiming for the
same lateral stiffness of the soil-pile system considering elastic properties of a pile and soil
springs (typically, a constant subgrade modulus for cohesive soil and a linearly increasing
subgrade modulus for cohesionless soil). Chai (2002) derived expressions for equivalent
depth-to-fixity for free-head piles embedded in cohesive and cohesionless soils, by equating
the lateral stiffness of the equivalent cantilever to the lateral stiffness of the soil-pile sys-
tem using known solutions for elastic piles embedded in an elastic Winkler foundation. To
calculate the stiffness of the soil-pile system, he estimated the lateral displacement of the
soil-pile system based on the flexural displacement of the pile above the ground (Apg,), the
lateral displacement (A,) and rotation (6,) of the pile at the ground surface; as shown in
Figure 7.1. The values of Ay and 6, were obtained from the solutions by Poulos and Davis
(1980). The equivalent depth-to-fixity (L¢) of a free-head pile in cohesive soil is expressed
in Equation 7.1 as a function of the clear height (L,) and characteristic length (R.).

Lf 3 L, L, L,
2L = 842 —a Z0y2 4 (22)3 .
7 \/ 4+6(RC)+3\/§(RC) +(Rc) (7.1)

where the characteristic length (R,) of a pile in cohesive soil is expressed as

1
R, = {/=— for cohesive soil (7.2)

h
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Figure 7.1: Representation of soil-pile system by equivalent fixed-based cantilever (after
Chai 2002)

The equivalent depth-to-fixity (Ls) of a free-head pile in cohesionless soil is expressed in
Equation 7.3 as a function of the clear height (L,) and the characteristic length (R, =
¢/ ﬁ—h[)for cohesive soil as shown in Equation 7.4.

Ly _ s Lo Lavo , (Lays_ La
RS—\/7'2+9'6(R5)+5'22(R5> (77 - (F) (7.3)

where the characteristic length (R.) of a pile in cohesionless soil is expressed as

Ry = {/{=— for cohesionless soil (7.4)

Ly vs. L, relationships obtained using these equations show that the L; of a free-head
pile is not very sensitive to L, particularly for large L,. For cohesive soil, L¢/R, is 1.62
for L, = 0 and 1.42 to 1.49 for R, < L, < 6R,. For cohesionless soils, L¢/R is 1.93 for
Ly = 0 and 1.77 to 1.81 for 2R, < L, < 6R,. These results are similar to the equivalent
depth-to-fixity expressions shown in Equations 7.5 and 7.6 given by Scarlat (1996) for a

free-head pile embedded in cohesive and cohesionless soils, respectively.
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1.6 R, if Lo/R. <2

L cohesive = (7.5)
Jcohesive {1.4 R, if Ly/R.>2

22 R, if Lo/Rs <2

Ly conesioniess = (7.6
f,cohesionless { 18R, i La/Rs > 9 )

Chai (2002) also investigated the depth-to-maximum-moment for free-head piles con-
sidering inelastic soil-pile systems. For cohesive soil, he derived the depth-to-maximum-
moment (L,,) using equilibrium of horizontal forces and bending moment with a parabolic
ultimate soil pressure distribution in the soil-pile system. The result of this analysis
is expressed in Equation 7.7 in terms of a normalized pile flexural strength (M}, =
Moz /5. D?), normalized aboveground height (L% = L,/D), and normalized depth-to-
maximum-moment (L} = L, /D).

19 7 7

M. =2LL* + (1 + ZL;)L:,% + 8—1(12 — L)L — mL;‘,‘f for L, < 6 (7.7)

where s, = undrained shear strength of clay, M., = the ultimate pile bending moment,
and D = pile diameter. In this equation, depths greater than 6D are not considered since
the depth-to-maximum-moment is less than 6D for most cases except for very soft clays.

In a similar way, Chai derived the depth-to-maximum-moment for free-head piles in
cohesionless soil using the ultimate soil pressure distribution proposed by Broms (1964b)
and assuming fully mobilized ultimate soil resistance. The resulting normalized depth-
to-maximum-moment (L},) is expressed in Equation 7.8 in terms of normalized flexural
strength (M?,, = Myaz/K, v D*) and normalized aboveground height (L%).

ri= 315 - 1y (1.9

where
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312 24 6

= _CTM:naac - LZ3 + FM;mz(EMrtmx

— L:3)
and C' is assumed to be 3 following the coefficient used in Broms (1964b) as shown in Figure
2.6.

The depth-to-maximum-moment is important in estimating the ductility capacity of a
(yielded) pile since it defines the location of the in-ground plastic hinge and influences the
lateral strength and ductility capacity of the pile. In soil-pile systems, the maximum bending
moment in the pile occurs at a depth above the equivalent depth-to-fixity as illustrated in
Figure 7.1.

In his study, Chai provided an example to estimate the equivalent depth-to-fixity and
depth-to-maximum-moment for a bridge structure supported by drilled shafts and subjected
to transverse loading considering cohesive and cohesionless soil. To emphasize the difference
between the equivalent depth-to-fixity and depth-to-maximum-moment, the example calcu-
lation results are briefly introduced. Details on the example problem can be found in Chai
(2002). A bridge structure with a circular reinforced column has a diameter (D) = 1.83 m,
aboveground height (L,) = 8.89 m, embedment length (L) = 19.8 m, EI = 6.97 x 10% kN
m?, ultimate bending moment (Mq;) = 21,320 kN m. For a soft clay soil (undrained shear
strength, s, = 20 kN/m?), the characteristic length of the pile (R,) = 8.49 m, the normalized
equivalent depth-to-fixity (Ly/D) = 6.9, and the normalized depth-to-maximum-moment
(Lm/D) = 3.72. For a medium dry soil (¢ = 33°), Ry = 5.41 m, Ly/D = 5.38, and L,,/D
= 1.87. From these results, it is clear that the depth-to-maximum-moment is about 2 to 3
times shallower than the equivalent depth-to-fixity for this particular free-head pile structure

embedded in two soil conditions.
7.2 Equivalent Depth-to-Fixity of Prototype Bridge

Equivalent depth-to-fixity and depth-to-maximum-moment for the prototype two-span
bridge model embedded in dense sand soil were calculated using Equations 7.3 and 7.8.

Even though these equations were derived for free-head pile structures, it was possible to



138

depth (m)
depth (m)

—12+
~14} . S
| \
_1% L h _1% . ! :
-1000 -500 0 500 1000 -2000 -1000 0 1000 2000
shear force (kN) bending moment (kN-m)

Figure 7.2: Prototype bridge shear force and bending moment distributions in Bent-S at
different times during shaking (Coyote Lake 1979, Gilroy #6, amqz = 0.167g)

use the equations for the prototype bridge bent structure; since the bending moment near
the ground surface was close to zero and the bent could be considered equivalent to a free-
head pile with zero aboveground height. Examples of pile bending moment distributions

with depth are shown in Figure 7.2.

The characteristic length (R;) of the pile embedded in the dense dry sand (¢ ~ 37°) was
2.247 using Equation 7.4 with EI. of the pile = 8.5 x 10° kN m? and the rate of increase
of horizontal subgrade reaction modulus (n;) = 15000 kN/m3. Using Ly = 1.93 X R,
for L, = 0, the equivalent depth-to-fixity was obtained as 4.34 m (3.6D). The value of np
was obtained from API (1993)’s subgrade coefficients chart. Chai and Hutchinson (2002)
found from their pile tests that ny can be as low as 1/5 of API-based values since the API
subgrade coefficient was estimated at the working loading level resulting in overestimation
of soil stiffness when the pile is subjected to ultimate load. For that reason, another possible

equivalent depth-to-fixity (Ls) was calculated as 5.72 m (4.8D) using n, = 15000/4 kN /m?3.

The depth-to-maximum-moment (L,,) was calculated as 4.06 m (3.4 D) using Equation

7.8 considering L, = 0. In this analysis a passive soil pressure coeflicient K, = (1 +
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Table 7.1: Equivalent depth-to-fixity and depth-to-maximum-moment of prototype bridge
based on Chai(2002)’s method

depth soil conditions

equivalent depth-to-fixity (L) 4.43 m (3.6D) | using np = 15000 kN/m3
5.72 m (4.8D) | using np = 15000/4 kN/m?
depth-to-maximum-moment (L,,) | 4.06 m (3.4D)

sing)/(1 - sing) = (1 + sin 37°) /(1 - sin 37°) = 4.0, soil unit weight v = 17.5 kN/m3, and
pile diameter D = 1.2 m were used to calculate the normalized flexural strength M} . =
Moz /(Kp v D*) = 38.7.

The results for this particular dense soil condition shows that Ly is close to L, when nj
= 15000 kN/m? and Ly is about 1.4 times Ly, when n, = 15000/4 kN/m3. The equivalent
depth-to-fixity and depth-to-maximum-moments obtained for the prototype bridge bent

(Bent-S) are summarized in Table 7.1.

7.3 Dynamic Response of Equivalent Cantilever Bridge Model

The calibrated prototype bridge was simplified by removing the soil and p-y springs and
fixing the bottom of the drilled shaft extended to a certain depth below ground surface.
To investigate the response of the reinforced concrete bridge to motions with different in-
tensities, both the prototype and equivalent bridge models were subjected to 40 motions
corresponding to four hazard levels. These motions were also used in a performance based
analysis of bridges that will be presented in Chapter 9. Each hazard includes 10 near-fault

motions. More information on these motions is presented in Section 9.2.

7.8.1 Prototype Bridge Response

Maximum bending moments in the drilled shafts, and their corresponding depths, dur-
ing shaking were investigated using the prototype bridge simulation results. Variation of
maximum bending moment and corresponding depths for small shaking are presented in

Figures 7.3a, 7.3c, and 7.3e. The bending moments greater than 2000 kN (dark circles in
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the figures) occurred at about 2 to 4 seconds and the corresponding depths were about 2.5D
to 3D. The pile in Bent-M showed larger maximum bending moment than the other bents
indicating larger demand due to bridge twisting in the deck plane. The long bent in the

middle of the bridge showed smaller values.

Figures 7.3b, 7.3d, and 7.3f show that, for strong shaking, depths of bending moment
greater than 2000 kN were similar, or slightly deeper (2.5D to 4.0D), than those obtained
using small shaking. The largest bending moment occurred at about 3.2D depth. For other
strong motions, the maximum bending moment depths were about 3.0D to 3.5D, which
is close to the depth-to-maximum-moment obtained using Chai’s method. The maximum
moments in Bent-S and Bent-M happened almost the same indicating large translation of

bridge deck and a small effect of twisting.

7.8.2 Equivalent-Fizity-Depth Model Response

To investigate which fixity depths provide a response similar to that obtained using the
prototype bridge model, the equivalent cantilever model was subjected to the same motions
varying the fixity depth from ground surface to 5D depth with 0.26 m increment. The
base motion used in each different equivalent cantilever model was obtained from prototype

bridge model results at each fixity depth in the soil.

The results are presented in Figure 7.4 in terms of the maximum column shear force for
Bent-M and Bent-S. In Figure 7.4a, each single line represents the variation of maximum
column shear force for a single motion due to change of fixity depth from the surface
to 5D with 0.26m increment (20 simulations per motion). For strong motions with return
periods larger than 72 years, the maximum shear force vs. fixity-depth relationship showed a
exponentially decaying pattern with increasing fixity depth. The figure also shows an upper
bound of shear force when the motion intensity was very large. The exponentially decaying
pattern of the maximum shear force vs. fixity-depth relationship showed the maximum shear
force in the column can be affected by the choice of fixity depth. For example, when the
fixity depth was small, larger shear force was obtained from an equivalent cantilever model.

When the fixity depth was large, then the maximum shear force became smaller. Therefore,



141

60001 , 6000

€ £

1 4000f 1 4000f

3 3

§ 2000 (,. § 2000}

s Ty = A W lw' \m’\» M
ol ! T ittt st , 0 L [ it
o 5 10 15 20 25 0 5 25

0 - 5 10 15 20 25

time (sec) time (sec)
(a) Short bent (small shaking) (b) Short bent (strong shaking)
- 60001 s . = 6000 .
3 3
5‘ 4000 5‘ 40001 /M
Ty 2000f o ’ RN X 2000 , ﬁ
3 ° 'AV \/}\/:vv\[\/\/\/v’\ﬂ’\aw SNV ; S o i ﬁ ‘ Wﬁ\ /mmmﬁﬂ/\’w \/‘W\J\/‘VVW/\J\\A
(] 5 10 15 20 25
a O yd- R o o 0
g Ly vd i g ﬂ? s \-L‘ e
g £ o \‘1\ W AR
5. “ Q{\AAAMAAMMWW“ 5 _4 M M‘ i “\%H\ww 1\\# \q
§—6 . 5 - f* ; x 1 bx, I 1T R VL ARV
s ; ; : . ‘ s ; ‘
o 5 0 15 20 25 o 5 20 25
time (sec) time (sec)
(c) Long bent (small shaking) (d) Long bent (strong shaking)
6000 6000
T B
3 4000 . T 4000t ‘
§ 2000 WH : & 2000/ w\ ! M M( m
2 o ! (W\ VAT Aern i e ; = 0 ) ‘ ( W\p bﬁ/\l\/\m\/u Aol b
0 10 15 20 25 0 5

15 0 15
time (sec) time (sec)

(e) Medium bent (small shaking) (f) Medium bent (strong shaking)

Figure 7.3: Locations of pile bending moments for different intensity shaking: small shaking
= Coyote Lake 1979, Gilroy #6 (amez = 0.167g) and strong shaking = Loma Prieta 1989,
Gilroy Historic (amqee = 0.691g)



142

the choice of fixity depth can result in under- or over-estimation of bridge responses. In
Figure 7.4a, the results of the prototype model are shown together with those corresponding
to the equivalent cantilever models. The prototype bridge response data for each motion
was interpolated with the equivalent cantilever model results to show which fixity depth was
consistent to the prototype response. Figure 7.4b shows the prototype Bent-S maximum
shear force results. Most of the prototype response was matched with fixity depths ranging
from 2.2D to 4D. For short return period of shaking, the fixity depths that gave the prototype
bridge response were 3D to 4D. For strong shaking, they were located at about 2.2D to 3.3D.

The fixity depth effect on bridge response was evaluated by comparing time histories
of column shear force and relative bridge deck displacements obtained from prototype and
equivalent cantilever models using different fixity depths (2.5D, 3.0D, and 3.5D) for different
levels of shaking. In Figure 7.5a, 7.5¢, and 7.5e, it is shown that for small shaking, the use
of 3.5D fixity depth captured the maximum column shear force simulated in the prototype
bridge model while the use of 2.5D fixity depth slightly overestimated the maximum shear
force. However, Figures 7.5b, 7.5d, and 7.5f show that, for strong shaking, the use of
2.5D fixity depth gave a similar maximum shear force of prototype bridge and the use of a
3.5D fixity depth overestimated the maximum shear force. This pattern was not consistent
with the bending moment at the top of the column. For both small and strong shaking, the
column top bending moment was captured better when 3.5D fixity depth was used. Overall,
the use of 3.0D fixity depth captured the maximum shear force and bending moment for
small to strong shaking.

Figure 7.6 shows the relative bridge deck displacement to the base obtained from pro-
totype and fixity-depth models. For small shaking, the use of fixity depths less than 3.0D
resulted in underestimation of the superstructure lateral displacement while the use of 4.0D
fixity depth resulted in displacement overestimation. For strong shaking, the use of 3.5D or
4.0D fixity depths captured the overall superstructure displacement better than other fixity
depths. The motion intensity effect on the optimal fixity-depth for lateral displacement was
attributed to the nonlinear soil response. For weak motions, the soil stiffness was close to

the initial stiffness, and therefore, a shorter fixity depth was needed. However, for strong
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shaking, soil stiffness was decreased, due to soil nonlinearity, and a longer fixity depth was
required. This displacement prediction from fixity depth model was not always consistent
for all motions.

To illustrate the effect of very short or long fixity depths on the structure response, 1D
and 5D fixity depths were considered for small and strong shaking. Figure 7.7 shows that
when a 1.0D fixity depth was used, the maximum shear force was overestimated and the time
history of shear force had a higher frequency content (for both intensities). When 5.0D fixity
depth was used, the maximum shear force was overestimated for strong shaking. Figure 7.8
shows that the superstructure displacement was clearly underestimated when 1.0D fixity
depth was used. For small shaking, the displacement response period of the equivalent
cantilever model was longer than that of the prototype model. For strong motion, the

displacement time history was well captured.

7.4 Summary of Dynamic Response of Prototype and Equivalent Cantilever
Bridge Model and Analytical Estimation of Fixity Depth

Following Chai (2002)’s method, the equivalent depth-to-fixity and depth-to-maximum-
moment of the prototype bridge (Bent-S) were estimated as 3.6D considering the initial
soil state stiffness (or 4.8D for ultimate soil stiffness state) and 3.4D, respectively. For the
dense dry soil condition, the depth-to-maximum-moment was close to the equivalent depth-
to-fixity even though there was a slight difference depending on the selected soil stiffness
(i.e., initial soil stiffness or secant stiffness after ultimate pressure is mobilized).

From the two-span prototype bridge simulations, maximum moments were observed to
be at 3.0D to 3.5D depth.

From the OpenSees cantilever model simulations, the use of 3.0D fixity depth provided
good estimation of the maximum column shear force for small to strong shaking. The
optimal fixity depth for the maximum column shear force was slightly different depending
on motion intensity. For small shaking, the use of 3.5D fixity depth captured the maximum
column shear force of the prototype bridge. For strong shaking, the use of 2.5D fixity depth
gave a better estimation of the maximum shear force. The superstructure displacement was

captured reasonably well when the fixity depth was between 3.5D to 5.0D depending on
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motion intensity. For small shaking, shallow fixity depths (e.g., 2D or 3D) underestimated
the superstructure lateral displacement, while a fixity depth greater than 4D gave slightly
larger displacements. For strong shaking, deeper fixity depths (e.g., 5D) were required to
capture the lateral displacement of the prototype bridge.

The dynamic simulation results of the calibrated prototype and fixed bridge model
showed that the equivalent depth-to-fixity and depth-to-maximum-moment from Chai (2002)’s
method were very similar to the optimal fixity depths that provided good estimation of max-

imum column shear force.
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Chapter 8

SEISMIC RESPONSE OF A TYPICAL HIGHWAY BRIDGE IN
LIQUEFIABLE SOIL

8.1 Introduction

For reliable estimation of bridge performance especially when subjected to liquefaction
and lateral spreading, appropriate modeling of soil-structure interaction and understanding
of the global bridge behavior are essential. In practice, soil and foundation systems are
often approximated using very simple foundation springs or unrealistic lateral spreading
mechanisms that may not represent all important aspects of the global system behavior.
In this context, a detailed bridge model in liquefiable soils was developed in this disserta-
tion putting emphasis on an accurate characterization of the structural and soil behavior
including various SPSI modeling strategies for several bridge system components such as
pile, pile cap, and abutment wall structure. This model was used to apply the PEER
Performance-Based Earthquake engineering (PBEE) framework described in Chapter 3.

8.2 Target Bridge System

This study considered a typical Caltrans highway bridge underlain by liquefiable soils

susceptible to lateral spreading.

8.2.1 Bridge and Abutments

The configuration of the target bridge structure and abutment are shown in Figures
8.1 and 8.2. The bridge consists of a five-span reinforced concrete structure with a post-
tensioned reinforced concrete box girder deck section and monolithic piers. The three middle
spans are 45.7 m (150 ft) long and the two end spans are 36.6 m (120 ft) long. The deck is
1.83 m (6 ft) thick and the four piers are 6.71 m (22 ft) long. The pier columns are 1.2 m (4

ft) in diameter with a 2% longitudinal steel reinforcing ratio. The deck forces are transmitted
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Figure 8.2: Structure configuration

through elastomeric bearing pads to seat wall abutments, and subsequently to piles and the
backfill. The bearing pads were assumed to be 51 cm? (8 in?) and 5 cm (2 in.) thick and
to fail in shear before sliding with 15 cm (4 in.) displacement. Expansion joints between
the deck and abutment walls were set to 10 cm (4 in.) initial gaps. The backwalls were
designed to shear off when subjected to large longitudinal bridge forces based on Caltrans
Seismic Design Criteria (SDC) (Caltrans, 2004). Details on the bridge structure design are
presented by Ketchum et al. (2004) and the OpenSees structure modeling is described in
more detail by Mackie and Stojadinovic (2003) and Mackie et al. (2004).

8.2.2 Pile Foundation

The bridge piers are supported by pile groups (3 by 2, center-to-center spacing = 1.83
m (6 ft)). The individual piles are open-ended steel pipe piles (diameter = 0.61 m (2 ft),
wall thickness = 0.0127 m (0.5 in.), and yield stress = 413,700 kPa (60 ksi)). The same



Table 8.1: Soil types and properties

Soil layer number Soil type Unit weight (kN/m?) | Strength parameters
1 Dense sand 21.2 ¢ = 45°
2 Medium stiff clay 17.3 ¢ = 36 ~ 58 kPa
3 loose sand 18.0 ~ 20.2 ¢ = 33° ~ 36°
4 Medium stiff clay 17.3 ¢ =40 ~ 58 kPa
5 Dense sand 21.2 ¢ = 40°

151

pile type was used for the abutment foundations (6 by 1, center-to-center spacing = 2.44 m
(8 ft)). Details on the pile design are presented by Ledzma and Bray (2006b) and Ledzma
and Bray (2006a). The bridge piers and pile groups are labeled from the left abutment to
the right as Pier 1, Pier 2, Pier 3, Pier 4, and Pile 1, Pile 2, Pile 3, Pile 4, respectively.
The abutment pile groups in the left and right slopes are labeled as Pile 0 and Pile 5. The

abutment piles were installed to the same depth as the other bridge piles.

8.2.8 Soils across Bridge

The soil below the left embankment consists of a medium stiff clay crust underlain by
a thin, loose to medium dense sand, a layer of stiff clay, and a dense sand layer underlain
by rock. The soil beneath the right embankment consists of the same clay crust underlain
by a thicker layer of the loose sand, followed by a dense sand layer underlain by rock.
The lower clay layer below the left abutment becomes thinner toward the center of the
bridge and does not exist below the right embankment. The embankments are 8.53 m (28
ft) in height and have 2:1 slopes. The groundwater table is located at the bottom of the
surface clay layer. The properties of the loose and medium sand layers across the bridge
were aimed to induce liquefaction under moderate ground shaking so that lateral spreading,
especially in the vicinity of the right abutment, triggered broad bridge damage. Soil types
and properties are shown in Table 8.1. To define the model soil properties, the soil layers

including embankment, sand and clay layers were divided into 49 sub-layers as schematically
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Figure 8.3: Layer definition and identification

shown in Figure 8.3. In Table 8.2, corrected Standard Penetration Test (SPT) blow counts
(N1,60) are shown for the sand layer below the left and right embankments together with the
corresponding sub-layer number. SPT profiles at both locations are illustrated in Figure 8.4.
The clay below the embankments were set to have higher strength, due to consolidation,
than the clay located in the center bridge area. The variation of undrained shear strength of
the clay layer is shown in Figure 8.5. These variable soil conditions along the bridge length

contributed to the generation of incoherent motions at each bridge pier.

8.3 Numerical Modeling of the Target Bridge System

This section presents details on the numerical model created in OpenSees for the target

bridge system.



depth from surface (m)

Table 8.2: SPT profiles below embankments

below left embankment

below right embankment

layer number | depth (m) | Ni,60 || layer number | depth (m) | Ny 6o
32 2.83 15 36 2.83 13
27 3.51 19 31 3.51 13
22 4.26 27 26 4.26 16
17 5.04 32 21 5.04 16
12 5.91 22 16 5.91 16
11 7.08 18
10 8.40 22
9 9.75 25
8 11.25 28
below left embankment below right embankment
0 T r ; 0 ‘ , ‘
-2 -2
-4 -4t
-6} -6
-8} -8
—10+- -10
-12 : -12 1
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N N
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Figure 8.4: SPT profiles of loose sand layer below both embankments
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Figure 8.5: Variation of undrained shear strength of clay layer across bridge

8.83.1 Soils

Using the target soil profiles and foundation design, the soil-foundation system was
modeled in OpenSees. The Pressure-Dependent Multi-Yield (PDMY) elasto-plastic mate-
rial model developed by Yang et al. (2003) was used to model sandy soils. To account for
saturated conditions, the PDMY material was coupled with a Fluid Solid Porous Mate-
rial (FSPM) model. This material imposes an incompressibility condition that allows the
generation of pore pressures. For the clay, the Pressure-Independent Multi-Yield (PIMY)
material model was used. To capture these soil conditions in OpenSees, 49 sub-soil lay-
ers were used as shown in Figure 8.3. The soil parameters used in this study are based
on recommendations provided by Yang and Elgamal (http://cyclic.ucsd.edu/opensees/) for
typical soil conditions. Relative densities (D,) for the sandy soils were determined based

on the Nj go values selected for the target bridge soil conditions and Equation 8.1.
Nigo = 60 (D,)? (8.1)

Then, using the recommended values, 16 PDMY material parameters for each sub-layer were
obtained by interpolation of relative densities. The interpolation was performed in the 40 %
to 75 % relative density range; where the model parameters show a linear relationship with

relative density. Figure 8.6 shows the interpolated parameter values. The PIMY material
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parameters for clay were interpolated in the same way using the selected undrained shear
strength values. Soil parameter values for 49 sub-layers of sand and clay are tabulated with
layer number in Tables 8.3 and 8.4. A total of 3874 quadrilateral finite elements and 4050
nodes were used to represent the soil domain.

The embankment side soil was extended 73.2 m (240 ft) outward from the slope crest.
The outer-most soil column elements were modified to generate a free-field response by in-
creasing their out-of-plane thicknesses and constraining the outer-most soil column element

nodes at the same elevation to have the same horizontal movement.

8.8.2 Bridge structure

The OpenSees bridge structure model used in this study was originally developed and
used for a PBEE investigation of a bridge on very competent soil by Mackie and Stojadinovic
(2003). The original model used simple foundation springs at the bottom of the piers
and abutment springs at the bridge deck-end to model soil compliance. To couple the
bridge structure model with the soil-foundation model developed for this investigation, the
simple foundation springs used byMackie and Stojadinovic (2003) were removed and the
pier columns were connected to pile groups. The abutment springs were also separated into

bearing pad springs and passive earth pressure springs.

8.3.3 Pile Foundations

To model soil-structure interaction, several types of interface springs were used as shown
in Figure 8.7. The chosen parameters for these interface elements reflect the complicated
ground conditions and foundation types - different soil conditions and types, ground water
conditions, pile group effects, and passive earth pressures in pile caps and abutments.

The 3 x 2 pile groups that support the piers were simplified using 1 x 2 pile group
models by combining the three piles in each out-of-plane row to produce an equivalent
single pile. In OpenSees, these equivalent pile is generated by patching three individual
pile sections without changing the diameter or pile wall thickness. Each pile section was

generated using nonlinear fiber beam elements.
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Table 8.4: Summary of PIMY material parameter values used for cohesive soil

soil layer Su rho Gr Br
number | (kPa) | (Mg/m?) | (kPa) (kPa)
3 58.4 1.669 110684 | 553421
deep 4 55.7 1.648 104289 | 521447
clay 5 50.29 1.605 91476 457381
6 44.89 1.562 78687 393434
7 39.7 1.521 66395 331973
37 57.5 1.662 108553 | 542763
38 53.9 1.633 100026 | 500131
39 46.7 1.577 82974 414868
surface 40 39.5 1.520 65921 329605
clay 41 35.9 1.488 57279 286394
42 39.5 1.520 65921 329605
43 46.7 1.577 82974 414868
44 53.9 1.633 100026 | 500131
45 57.5 1.662 108553 | 542763
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Figure 8.7: Modeling of soil-structure interaction in OpenSees
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8.3.4 Pile p-y Springs

The p-y springs in the liquefiable soils were modeled using the pyLig! model (Boulanger
et al., 2004) available in OpenSees. The pyLig! material was coupled with adjacent soil
elements which provided porewater pressure ratio information; spring resistance forces based
on APT (1993) criteria were factored by the porewater pressure ratio to approximate the
effect of liquefaction on soil-pile structure interaction. Residual strengths after liquefaction
were calculated based on correlations to Ny gy as proposed by Kramer (2006) (Equation
2.8). Figures 8.8 and 8.9 show p-y spring parameter distributions with depth for the six
piles across the bridge (i.e., plots of ultimate lateral resistance, residual ultimate resistance
ratio of liquefied soil, and ys0). These values correspond to individual springs in a single
pile before group effects are considered. Residual ultimate lateral resistances (Dult,res) for
the case that all soils were fully liquefied were obtained using each soil’s residual strength.
Ratios of pytres t0 puit, here referred as residual ultimate resistance ratio, are shown in
Figure 8.8b. The y50 values shown in Figure 8.9 represent the displacement that corresponds
to resistances of 50% of py;; in the p-y curve associated with the initial stiffness of the curve.

These values were calculated by solving API p-y curve in Equation 8.2 for y using a 50%

DPult-

kz
P = pui tanh {— y} (8.2)
Puls

where z is depth, k is a coefficient that can be determined from API (1993) charts based on
density (or friction angle) and ground water condition.

To account for pile group effects, the strength spring parameters were factored using
group efficiency factors, G., defined as the ratio of the average lateral capacity per pile
in a group to the lateral capacity of a single pile. The group efficiency factor can also be
expressed using Equation 8.3 as an average for the p-multipliers for each individual pile
(i-e., the sum of the p-multipliers for all individual piles divided by pile number)

G, = ; f]"\;i (8.3)

where, N is the number of piles and f,, is an empirical reduction factor (i.e., p-multiplier)

to adjust p-y curves for pile arrangement and pile spacing. To obtain the group efficiency
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factor for the 3 x 2 pile groups in the target bridge, the p-multipliers for the leading and
trailing piles were determined as 0.82 and 0.76 according to Figure 2.11. For the leading
and tailing rows of piles in the out-of-plane direction, the p-multiplier values were set to
1.0; since the group effect can be ignored when the side-by-side pile spacing is greater or
equal to 3D. The resulting group efficiency for each pile group was 0.79. The capacity of
each pile in the simplified 1 x 2 pile group was calculated as 3 x the group efficiency times
the capacity of the single pile. For the 1 x 6 pile groups under the abutments, no group
effect was considered since they have a single row of piles and the side-by-side pile spacing
(4D) is greater than 3D. The skin resistance and pile tip resistance was modeled using t-z

and ¢-z springs. These springs were assumed to have no group effects.

8.8.5 Pile Cap Passive Earth Pressure Springs

To capture the response of the pile caps, three passive earth pressure springs were used
at the top, middle, and bottom of the cap. The clay passive earth pressure envelope of the
pile cap was determined using the ¢=0 sliding wedge method (Equation 2.13) suggested by
Mokwa (1999). It was assumed that the bridge longitudinal and transverse pile cap lengths
were 3.6 m (12 ft) and 5.4 m (18 ft), respectively, and that the pile cap height was 1.5 m (5

ft). A cohesion factor (@) of 0.75 was used in the method for the medium stiff clay soil.

8.8.6 Abutment Interface Springs

The height of the backwall (break-off wall) was 1.8 m (6ft) and its width was 13.7
m (45 ft). The interaction between the bridge deck and abutment was decomposed into
two interaction components. A schematic of the bridge deck-abutment interaction and its
modeling are shown in Figures 2.19 and 8.10. The first component combined the bearing
pad resistance and backwall resistance in a single spring model. This spring force was
transferred to the stem wall and abutment pile foundation. The stem wall was connected
to the soil without interface assuming its relative displacement was small. The second
component included the expansion joint gap and backwall lateral soil resistance. In this

case the force-displacement envelope was obtained combining a gap spring and a soil spring
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Figure 8.9: p-y spring parameters: ysg

whose parameters were obtained based on Caltrans’ Seismic Design Criteria Caltrans (2004)

in series. For the selected abutments, the initial stiffness and ultimate resistance used were

164,300 kN/m/m (20 kips/in/ft) and 6,258kN (1290 kips), respectively.

8.4 Seismic Response of Bridge System and Engineering Demand Parameters

Before using the PEER PBEE methodology, it was considered important to evaluate the
global and local response of the selected bridge subjected to typical earthquake excitations.
This section presents details of the global and local seismic bridge response characteristics
for a moderate intensity motion (Northridge 1994 at Century city Lacc North, CMG Station
24389, apmqe = 0.25g) and a strong motion with a 475-year return period (Erzincan, Turkey
1992, Gmqz = 0.70g). In this study, the soil lateral spreading response and its effect on
the global bridge behavior was first investigated. Then, the local response of the bridge
structure, abutment, piles, and interface springs was addressed. For the soil response,
motions corresponding to four hazard levels were considered. More details on the motion

characterization are presented in the next chapter (Section 9.2).
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Figure 8.10: Modeling of bridge deck-abutment-soil interaction in OpenSees

8.4.1 Soil Response

The global bridge response was complicated due to the interaction between the bridge
system components - i.e., bridge, free-field and sloping soil, and abutment structure. Lateral
spreading can induce significant large demands on the bridge and pile structures. In addi-
tion, the presence of clay layers can make the soil displacement profile more complicated
due to the possibility of slip displacements at the clay-sand layer boundaries. In Figures
8.11a and 8.12a, permanent displacement patterns of the bridge system for the Northridge
and Erzincan motions are presented. These figures show that larger lateral deformation oc-
curred in the vicinity of the right abutment. The deformed meshes show that the location
of the shear plane in the left abutment, induced by the strong motion (Erzincan, Turkey
1992, amar = 0.70g), was deeper than that produced by the moderate motion (Northridge
1994, amqz = 0.25g). This observation is more clearly illustrated in Figures 8.13 and 8.14
where the time variation of estimated horizontal shear strain distributions with depth below
the left and right abutments is presented for both motions. For the moderate shaking, large
shear strains below the left embankment were concentrated at the top of the loose sand

layer. This was attributed to liquefaction of the sand layer. For the strong shaking, large
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shear strains below the left abutment were accumulated at the interface between the clay
layer and dense sand layer. Below the right abutment, shear strains were distributed more

evenly over the thickness of the loose sand layer for both motions.

Figure 8.15 shows soil displacement profiles next to each pile foundation and at each
slope toe (soil 0 to soil 5 in Figure 1) for three hazard levels. Lateral spreading is clearly
observed in the right abutment. The permanent soil movement ranged from about 0.2 m to

1.3 m in the right abutment depending on the hazard level.

The loose sand layer across the bridge site liquefied over its full or partial thickness
depending on the intensity of the input motion. Figures 8.11b and 8.12b illustrate the pore
pressure ratio in the soil. For moderate shaking, most of the loose sand layer, except for the
area below embankment, liquefied. For stronger shaking, the entire loose sand layer across
the bridge liquefied.

To show the degree of liquefaction in the soil beneath the right abutment, pore pressure
ratios are measured at several soil locations are shown in Figure 8.16a. The pore water
pressure ratio time histories in the loose sand below the right abutment are shown in Figure
8.16b for the moderate shaking. The figure show that the upper layer of the loose sand
was fully liquefied across the bridge. However, the bottom layer of the loose sand below
the embankment had pore water pressure ratios less than 1.0. This was attributed to the
fact that the soil at this location was slightly denser and had higher initial effective stress
due to larger overburden from the embankment. Figure 8.17 shows the time variation of
pore water pressure ratio with depth below the right abutment for the Northridge motion

illustrating different degrees of pore water pressure generation with time.

8.4.2 Pinning Effect and Soil Element Out-of-plane Thickness

The embankment slope deformation is generally affected by the presence of the pile
foundation which reduces the final soil deformations. This effect is often referred to as
the pinning effect. Due to the pile foundation in the sloping soil, and its reinforcement
effect, actual lateral and vertical displacements can be smaller than the displacements that

occur in a case where no pile foundation exits (i.e., free-field case). This problem can be
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in liquefiable soil - Northridge 1994, amer = 0.25g

approximately simulated by adjusting the soil element out-of-plane thickness in a 2-D plane
strain model assuming the pinning effect is the same in the upper embankment and lower
soil. If the soil element out-of-plane thickness is very small, the slope displacements would
be underestimated. If the thickness is very large, the slope displacements would be close
to those of a slope without pile foundation. To understand the effect of the out-of-plane
thickness on the slope deformation and pile cap movement for this bridge system, several
thicknesses were considered in the simulations. The results are shown in Figure 8.18. The
use of a thickness smaller than 5 m gave very small soil displacement relative to the other
cases. When the thickness was greater than 75 m, the displacements converged to a limiting
value beyond which they were insensitive to the out-of-plane thickness. This pattern was
also observed in the pile cap lateral displacement near the slope. Therefore, soil element
out-of-plane thicknesses between 5 m and 75 m were considered necessary to avoid the two

extreme cases (i.e., too much pinning effect or no pinning effect).

An appropriate thickness to mimic the pinning effect can be determined considering
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several aspects that contribute to the pinning effect, such as ground motion intensity, 3-D
embankment configuration and deformation pattern, actual demand on adjacent structures,
and tributary width of embankment. First, the pinning effect can be slightly different
when different intensities of motions are used. Second, even though it is only affected by a
longitudinal direction of shaking, the slope may have deformation in the longitudinal and
transverse directions; as schematically shown in Figure 8.19, resulting in larger displace-
ments than what would be simulated in a 2-D FEM analysis. Third, structural demands
due to possibly larger ground deformation can be reduced by the nonlinear behavior of
the interface springs, (e.g., a simulation where the pile cap passive earth pressure springs
reach ultimate resistance after which it shows a constant resistance with continued soil
displacement). Another factor is the tributary width of the embankment. In the case un-
der counsideration, the width of the pile foundation at the abutment is about 30 m, which
is similar to the tributary width based on the trapezoidal shape of sloping embankment
(Boulanger et al., 2005). For these reasons, 50 m soil element out-of-plane thickness was

chosen for the analysis . For improved estimation of out-of-plane thickness effect, 3-D model
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Figure 8.19: Schematic drawing of 3-D embankment deformation

studies are required.

This is certainly a limitation of 2-D analysis (performed in this study). However, 2-D
analysis brings the possibility to evaluate the influence of the complete structure in a logical

way, keeping the computational time at reasonable levels.

8.4.8 Global Behavior of Bridge System

The expansion joints between the bridge deck and backwall closed when lateral spreading
occurred. Since the amount of lateral spreading in the right abutment was considerably
larger than that in the left abutment, the entire bridge deck tended to move towards the
left. At the same time, lateral spreading also pushed the pile cap of Pier 4 to the left
resulting in relatively small drift in that column. On the other hand, Pier 1 was subjected
to very large column drifts because the bridge deck moved the upper end of the column to
the left and lateral spreading moved the pile cap at the bottom of the column to the right.
This global bridge behavior, which would likely not be anticipated by typical analyses that
model only individual parts of the bridge, greatly affected the local response. Details of the

local response of bridge piers, abutments and piles are discussed in the following sections.
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8.4.4 Bridge Pier Response

The bridge pier response was investigated using the displacements of the bridge deck
and pile cap. Figure 8.20 shows drift ratios obtained by the displacement difference between
top and bottom of piers. The bottoms of the four piers (pile caps) moved towards the center
of the bridge and the amount of each pier base displacement varied due to different levels
of lateral spreading. As shown in Figure 8.20a, Pier 1 base residual lateral displacement
was about 20 cm after shaking and Pier 4 base residual lateral displacement was about
60 cm. In the meantime, the top of all piers moved together to the left as the larger
lateral spreading beneath the right abutment pushed the entire bridge deck to the left. This
bridge deck movement increased Pier 1 drift and decreased Pier 4 drift. Due to this global
response, similar drift ratios were observed in Pier 1 and Pier 4 for this particular motion
even though the base residual lateral displacement of Pier 4 was greater than that of Pier 1.
This demonstrates that lateral spreading in an abutment slope can affect the column drift

in the other side of bridge.

Actual input motions at the bottom of each bridge pier are presented in Figure 8.21 in
terms of acceleration response spectra and acceleration time histories. Due to non-uniform
soil conditions (i.e., different soil profile below the left and right abutments) and liquefaction
induced lateral spreading, the bottom of each pier was subjected to different acceleration

time histories and peak accelerations.

The horizontal slope movements significantly influenced the pile and pier bending mo-
ments. In particular, the bending moments in Pier 4 appear to be closely correlated to
horizontal slope movements. For small to moderate shaking events, the maximum bending
moments at each bridge pier were greater than the residual bending moments after shak-
ing, indicating that inertial forces controlled the maximum bending moments. For strong
shaking events, however, the residual bending moment at each bridge pier or deck was
greater than the transient maximum bending moment, indicating that the kinematic forces

associated with lateral spreading controlled the maximum bending moment.
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Figure 8.20: Displacement of each bridge column at top and bottom and drift ratios (column
height = 6.7m) - Erzincan motion, Turkey 1992, apq, = 0.70g
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Figure 8.21: Acceleration time histories and response spectra at soil base and pile cap -

Northridge motion 1994, ane; =0.25g
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8.4.5 Abutment response

The bridge deck and abutment structure interaction was investigated by looking at
relative displacements between the bridge deck and abutment and interaction forces in the
bearing pad, break-off wall, and backfill. Figure 8.22 shows the horizontal and vertical
positions of the bridge deck and abutment during shaking. Each abutment was set to have
10 cm initial expansion joint gaps. The abutments (black line in the figure) moved toward
the center of the bridge with increasing vertical displacement. For the Northridge motion
(@maz = 0.25g), the expansion joint gap was closed at the end of shaking, but the backwall
did not break. For the Erzincan motion (am.; = 0.70g), the left abutment showed about
25 cm of permanent lateral movement while the right abutment showed approximately 90
cm of permanent lateral movement with slightly more vertical displacement. Figure 8.22b
shows that during strong shaking the bridge deck moved to the left abutment due to the
large ground deformation in the right abutment, thereby indicating abutment-abutment
interaction through the bridge deck. Moreover, the relative position of the deck-end and
backwall, which overcomes the initial gap, indicates shearing failure of the back wall and
bridge deck penetration into the backfill soil. At the end of the shaking, the permanent
penetration of the left and right bridge-deck-ends into the soil were around 30 cm and 60

cm, respectively.

Bridge deck and abutment interaction is illustrated in Figure 8.23 in terms of spring
force-displacement response for strong shaking motion. Figure 8.23a and 8.23b show lateral
resistance in the bearing pad and backwall. After 10 cm of displacement, where bearing
pad resistance develops, large lateral resistance was mobilized in the break-off wall. This
wall resistance disappeared after the wall break-off. This interaction force was delivered to
the stem wall of the abutment. Figures 8.23c and 8.23d show that passive earth pressure
resistance in the backfill soil was mobilized with the broken portion of the wall after closing
the gap. Figure 8.23e and 8.23f show the total lateral resistance transmitted from the

abutment system to the bridge deck.
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Figure 8.23: Bridge deck and abutment interaction force-displacement - Erzincan motion,
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8.4.6 Pile and p-y spring Response

The pile force distribution and pile cap movement were significantly influenced by lateral
spreading and the pattern of soil displacement with depth. This effect varied with ground
motion intensity. Figures 8.24 and 8.25 show maximum bending moments and their locations
for motions corresponding to all four hazard levels in Pile 0 at the left abutment, and
Piles 4 and 5 at the right abutment. In Pile 0, maximum bending moments occurred
for most motions at the interface between the clay and dense sand layers. In Pile 4, the
maximum pile moment occurred, for small and moderate shaking, below the pile cap or
at the interface between the surface clay and lower loose sand layers. However, for higher
intensities, the maximum bending moment location moved down to the interface between
the loose and dense sand layers (around 12 m depth). Similar patterns were observed in
Pile 5. However, for moderate shaking (72-year return period, Motions 11 to 20 in Figure
8.25b), the maximum bending moments occurred in the middle of the loose sand layer. This
can be related to the fact that the upper portion of the loose sand layer was liquefied while
the lower portion was not fully liquefied for these strong motions. For stronger motions
(i.e., 475- and 2475-year return periods, Motions 21 to 40 in Figure 8.25b), the maximum

pile bending moment reached the ultimate bending moment capacity.

Figure 8.26 shows residual pile bending moments after shaking and the distribution of
kinematic lateral force on the soil due to lateral spreading for the Erzincan motion (amqz
= 0.70g). The figure shows that, for this motion, the maximum bending moment occurred
at the interface between the loose and dense sand (around 12 m depth) in all piles. Since
most of the loose sand layer was liquefied and the lateral soil resistance of the clay layer was
relatively small, the overall mobilized soil resistance was small except for the non-liquefied
soil at 5 m depth near Pile 1 and the dense sand layer below 12 m depth. The kinematic
p-y spring force at depths from 2 m to 6 m in Pile 4 reached the ultimate residual lateral
soil resistance of the fully liquefied soil. In Figure 8.27, the p-y spring response in Pile 4
at 5.5 m is plotted together with the corresponding pore pressure ratio (r,) time history
of an adjacent soil element. API-based soil resistance time history mobilized by the same

displacement is also presented in the figure. After 5 seconds, when the soil was liquefied,
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Figure 8.24: Location of maximum pile bending moment in Pile 0 at the left abutment

the lateral soil resistance reached an ultimate residual lateral resistance with increasing
p-y spring displacement. The figure shows the clear effect of liquefaction on lateral soil
resistance by comparison with a possible API-based resistance. The liquefaction effect is
also observed in Figure 8.28 which shows p-y curves for Pile 3 and Pile 4 at two locations in
the liquefiable layer. Finally, Figure 8.29 shows pile cap lateral passive earth pressure spring
force-displacement curves for four pile caps during the strong motion. Pile cap 4 interface

spring reached ultimate resistance with lateral-spreading-induced large soil displacements.

8.5 Summary and Conclusions

A complete geotechnical bridge system model including pile foundations embedded in re-
alistic soil conditions and abutment structures was developed and coupled to a bridge struc-
ture model (Mackie and Stojadinovic, 2003). Appropriate modeling of soil-pile-structure
interaction and soil-abutment-bridge interaction under lateral spreading soil conditions al-

lowed the bridge structure to capture realistic force boundary conditions at the pier base
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Figure 8.25: Location of maximum pile curvatures in Pile 4 and Pile 5 at the right abutment
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and bridge deck ends. Using this coupled model, the global behavior of the bridge system
could be better understood and important bridge performance variable (i.e., Engineering
Demand Parameters), could be identified. This study shows that the global response of a
soil-foundation-bridge system was quite complex, particularly when soft and/or liquefiable
soils are present. The use of OpenSees simulations provided improved understanding of
the global response, and allowed identification of damage mechanisms that would not be

captured by simplified analyses commonly used in contemporary practice.

8.56.1 Lateral Spreading Effects on Global Bridge Behavior

One of the important components to the global bridge response was the abutment-to-
abutment interaction caused by different level of lateral spreading and its effect on the
bridge pier drift near slopes. Since the amount of the right abutment lateral spreading in
the simulation was considerably greater than that in the left abutment, the entire bridge

deck moved toward to the left. At the same time, lateral spreading also pushed the pile cap
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Figure 8.29: Pile cap resistance curves - Erzincan motion, Turkey, a;mq, = 0.70g

of the pier near the right slope to the left, so the column drift became smaller. On the other
hand, the pier near the left slope was subjected to large column drift because the bridge
deck moved to the left and the pile cap at the bottom of the column moved to the right due
to lateral spreading of the left abutment. This type of response can only be obtained using

advanced numerical models.

8.5.2 Local Bridge Behavior

The soil behavior, including lateral soil displacement and soil liquefaction, were investi-
gated for different intensity motions . At most hazard levels except the lowest hazard level,
most of the loose sand layer was liquefied, which resulted in lateral spreading beneath the
embankments on both sides of the bridge. The clay layer between the loose sand and dense
sand layers in the left abutment area caused complicated soil deformation patterns. The
shear strain in the soil below the right embankment was distributed over the thickness of

the liquefied area.
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Lateral soil displacement patterns strongly affected the location of maximum bending
moment. The piles were subjected to relatively low kinematic soil pressure due to soil
liquefaction. The soil pressure (interface spring forces) on the pile were investigated in
several locations and the pore water pressure generation effect on the p-y spring force were
reflected in the OpenSees model.

The bridge pier response was investigated with respect to displacement at the top and
bottom of the piers and it was found that drifts at all piers were strongly affected by lateral
spreading. The relative position between bridge deck and abutment during the shaking, and

corresponding interaction forces, were described to show abutment-bridge-soil interaction.
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Chapter 9

APPLICATION OF PBEE TO A TYPICAL HIGHWAY BRIDGE IN
LIQUEFIABLE SOIL

9.1 Introduction

Estimation of the seismic performance of bridges is an important part of evaluating the
potential costs of earthquake damage and identification of appropriate retrofit strategies.
The Pacific Earthquake Engineering Research Center (PEER) has developed a probabilis-
tic framework for performance-based earthquake engineering (PBEE) to evaluate the risk
associated with earthquake shaking at a particular site (Cornell and Krawinkler, 2000;
Krawinkler, 2002; Deierlein et al., 2003) The risk, expressed in terms of economic loss, fa-
talities or other measures, is computed as a function of ground shaking through a series of
intermediate steps: 1) seismic hazard, ii) demand hazard, and iii) damage hazard. The seis-
mic hazard is characterized in terms of an Intensity Measure, IM which describes the level
of ground shaking. The demand hazard is some form of response, characterized in terms of
an Engineering Demand Parameter, EDP, at the site of interest. The damage hazard that

results from this EDP contributes to the overall risk.

For the PBEE analysis performed in this study, four different hazard levels of near-fault
motions were considered in OpenSees simulations using the bridge system model described
in Chapter 8. Measures of structural and geotechnical response relevant to bridge dam-
age were identified. Using OpenSees results, record-to-record uncertainties were estimated.
In this estimation, the relative efficiencies of several IMs were investigated to reduce the
demand model uncertainties. Besides the record-to-record uncertainty, model parameter
uncertainty and spatial variability uncertainty were considered. To demonstrate the ef-
fect of parametric uncertainty, controlling parameters were first identified by conducting
sensitivity analyses and using Tornado diagrams. Using the sensitivity results, parametric

uncertainties were estimated from an FOSM analysis. To determine the spatial variability
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uncertainty, Gaussian stochastic fields were generated for the liquefiable and clay soil layers.

The three uncertainties were combined and used to develop EDP hazard curves.
9.2 Input Motions and Intensity Measures

To apply the PEER PBEE methodology, four sets of input motions corresponding to
return periods of 15, 72, 475, and 2475 years (i.e., 97 %, 50 %, 10 %, and 2 % in 50 years)
at the site of an I-880 bridge study (Somerville, 2000) were used together with the proposed
bridge model. In the I-880 bridge study (Somerville, 2000), near-fault ground motions were
used. Near-fault ground motions are different from ordinary ground motions since they are
often dominated by strong, long period pulses, which result from rupture directivity effects.
Details of the characteristics of the selected near-fault ground motions are described by
Somerville (2000). Figure 9.1 shows acceleration and displacement time histories for one of
these motions with a return period of 275 years. In the simulations performed in this study,
the bridge was assumed to be subjected to fault-normal motions - i.e., the longitudinal
direction of the target bridge was assumed perpendicular to the strike-slip.

Somerville (2000) provided soft rock uniform hazard spectra for three hazard levels (50
%, 10 %, and 2 % in 50 years) for the I-880 site. The target modal magnitudes for these
three hazards were obtained from deaggregation data as 6.6, 6.8, and 7.0, respectively. The
corresponding target peak acceleration values were 0.453g, 0.871g, and 1.228g, respectively.
In this study, to minimize dispersion in the EDP vs. IM relationships, particularly for the
case where lateral spreading affects the bridge response, motions for each hazard level were

scaled to a constant value, target magnitude-corrected PGA (PG Ay), expressed as

PGA
PGAM = M—SF (91)

where PGA is the mean PGA for the hazard level of interest and MSF is the magnitude
scaling factor corresponding to the modal magnitude for that hazard level. Magnitude

scaling factors can be calculated using NCEER’s recommendations as
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Figure 9.1: Example of an input motion used in the comprehensive bridge study (Erzincan,
Turkey 1992, ayq, = 0.70g)

where M, is modal magnitude. Using the target modal magnitudes and their correspond-
ing MSF, magnitude-corrected PGAs (PGAjs) for each hazard were computed and are
presented in Table 9.1. To include a hazard which does not cause liquefaction, the motions
used for 50% in 50 years were scaled for a target magnitude-corrected peak acceleration
of 0.094 g, which results in a 97% in 50 years hazard. Ten motions were selected for each
hazard. Individual motions were scaled to have the target magnitude-corrected peak accel-
eration in each hazard. The values are presented in the 7th column (i.e., PGAj;) in Table
9.2.

Since the scaled motions were based on rock outcrop conditions, the motions were cor-
rected using the computer program Proshake to remove free surface effects prior to their use
as rigid base input motions in OpenSees. Information for the 40 motions is summarized in
Table 9.2. Figure 9.2 shows the range of PGAs for each hazard level and the corresponding
PGA hazard curve.

The uncertainties in the estimated EDP vs. IM relationships are different for different
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Table 9.1: Magnitude-corrected PGA

Hazard Level Umaz modal MSF | PGAy =
(g) | magnitude mes
50 % in 50 years | 0.453 6.6 1.516 0.299
10 % in 50 years | 0.871 6.8 1.335 0.652
2 % in 50 years | 1.228 7.0 1.226 1.002
107 T TS ES FIOTIFPOTIRTSTTSTSTTTTITTOTITe
o ) e My =1/15years

}”uvn =1/72 years
A }\'IM =1/475 years
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Figure 9.2: PGA hazard curve used in OpenSees simulations



Table 9.2: I-880 Input motion characteristics (four hazards)
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hazard | Record (station) | File Earthquake l Magnitude | MSF { PGAp I dt | PGA I duration
Coyote Lake Dam abutment A01 Coyote Lake 5.7 2.247 0.672 0.005 0.574 40.96
Gilroy #6 A02 (6/ 8/1979) 0.005 | 0.610 40.96
return Temblor A03 Parkfield 6.0 1.931 0.578 0.010 0.469 40.96
period Array #5 A04 (6/27/1966) 0.010 | 0.470 81.92
72 yrs Array #8 A05 0.010 0.394 40.96
Fagundes Ranch A08 Livermore 5.5 2.497 0.747 0.005 0.606 20.48
target Morgan Territory Park A07 (6/27/1980) 0.005 0.483 40.96
PGApM Coyote Lake Dam abutment A08 Morgan Hill 6.2 1.753 0.524 0.005 0.423 40.96
= 0.299g Anderson Dam DS A09 (4/24/1984) 0.005 0.435 40.96
Halls Valley A10 0.005 0.464 40.96
Los Gatos Presentation Ctr BO1 Loma Prieta 7.0 1.226 0.799 0.005 0.687 40.96
Saratoga Aloha Avenue BO2 (10/17/1989) 0.005 0.728 40.96
return Corralitos B03 0.005 0.709 40.96
period Gavilan College B04 0.005 0.699 40.96
Gilroy Historic B05 0.005 0.691 40.96
475 yrs Lexington Dam abutment BO6 0.020 0.759 40.96
Kobe JMA BO7 Kobe, Japan 6.9 1.279 0.834 0.020 0.781 81.92
(1/17/1995)
target Kofu BO8 Tottori, Japan 6.6 1.458 0.951 0.010 0.622 40.96
PGAN Hino B09 (10/6/2000) 0.005 0.897 81.92
= 0.652g Erzincan B10 Erzincan 6.7 1.395 0.909 0.005 0.696 40.96
(3/18/1992)
Los Gatos Presentation Ctr Co1 Loma Prieta 7.0 1.226 1.228 0.005 1.101 40.96
Saratoga Aloha Avenue co2 (10/17/1989) 0.005 1.141 40.96
return Corralitos co3 0.005 1.078 40.96
period Gavilan College Co4 0.005 1.055 40.98
Gilroy Historic cos 0.005 1.063 40.96
2475 yrs Lexington Dam abutment Co6 0.020 1.191 40.96
Kobe JMA cor Kobe, Japan 6.9 1.279 1.282 0.020 1.221 81.92
( 1/17/1995)
target Kofu co8 Tottori, Japan 6.6 1.458 1.461 0.010 1.092 40.96
PGANp Hino Co9 (10/6/2000) 0.005 | 1.399 81.92
= 1.002g Erzincan Ci0 Erzincan,Turkey 6.7 1.395 1.398 0.005 1.107 40.96
( 8/13/1992)
Coyote Lake Dam abutment Dol Coyote Lake 5.7 2.247 0.211 0.005 0.168 40.96
Gilroy #6 D02 (6/ 8/1979) 0.005 | 0.167 40.96
return Temblor Do3 Parkfield 6.0 1.931 0.182 0.010 0.157 40.96
period Array #5 D04 (6/27/1966) 0.010 0.137 81.92
Array #8 D05 0.010 0.119 40.96
15 yrs Fagundes Ranch Do6 Livermore 5.5 2.497 0.235 0.005 0.189 20.48
Morgan Territory Park DoT (6/27/1980) 0.005 0.148 40.96
target Coyote Lake Dam abutment Do8 Morgan Hill 6.2 1.753 0.165 0.005 0.122 40.96
PGAps Anderson Dam DS Dog (4/24/1984) 0.005 0.126 40.96
= 0.094g Halls Valley D10 0.005 0.124 40.96
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Table 9.3: Intensity Measures

IM name Definition Units

Peak ground acceleration PGA = max|a(t)] g

Peak ground velocity PGV = max|v(t)] m/s
o . T,

Arias intensity Io= £ fo 4la(t))? dt cm/s

Cumulative absolute velocity CAVs = fOTd<x> la(t)| dt cm/s

where T,; = earthquake duration
(x) = 0, if a{t)] < 5 cm/s?
(x) = 1, if [a(t)] > 5 cm/s?

Spectral acceleration Sa(T1) = Sa(T1) g
Cordova predictor Sa*(Th) = Sa(Th) %1)2 g

EDPs and IMs. An efficient IM is one for which an EDP of interest is closely related;
i.e. one for which a plot of EDP vs. IM exhibits little scatter. The use of efficient IMs
leads to more accurate and less conservative performance estimation in PBEE evaluation
procedures. For example, to capture the inertial structural response, spectral acceleration
and Cordova (2000) predictor (Table 9.3) are generally recognized as efficient IMs. For
a situation influenced by the occurrence of liquefaction, however, the response should be
more closely related to an IM that reflects the liquefaction response, e.g., PGA, I,, or
CAVs. For example, Kramer and Mitchell (2006) have shown that excess pore pressure
generation in potentially liquefiable soils is considerably more closely related to CAVs than
to other intensity measures. In this study, several IMs are considered and their definitions
are summarized in Table 9.3.

IM hazard curves are usually obtained from Probabilistic Seismic Hazard Analyses
(PSHA) as described in Section 3.2.1. Since IM hazard curves often follow power laws,

the hazard curve can be expressed as

A = ko (IM)7* (9.3)
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Table 9.4: IM hazard curve coeflicients for 1-880 input motions

M coefficient ko | coefficient k
Peak ground acceleration (PGA) 6.578e-04 -4.1808
Peak ground velocity (PGV) 1.520e-03 -2.4645
Arias Intensity (Ia) 1.586e+01 -1.4230
Cumulative absolute velocity (CAVs) 7.881e404 -2.3859
Spectral acceleration (Sa(T=0.5 sec)) 9.455e-03 -3.5338
Spectral acceleration (Sa(T=1.0 sec)) 1.675e-03 -2.0630
Cordova, predictor (Cordova(T=0.5 sec)) 2.799¢-03 -2.6514

where the two unknown coefficients, kg and k, can be obtained solving Equation 9.3 by
substituting two hazard levels - e.g., (IM1, A1) and (IMy, A9). In this research, the mean
annual rates of exceedance for the four hazard levels were based on PGA. The mean annual
rates of exceedance for the other IMs should have been obtained from PSHAs performed
using attenuation relationships corresponding to each IM. As an approximate estimation
of each IM hazard curve, the IM value of each individual motion was calculated based on
the definitions shown in Table 9.3 considering the same mean annual rate of exceedance
obtained for PGA. The generated IM hazard curves for different IMs are shown in Figure
9.3. The figure shows a large scatter for some IMs. Therefore, if a set of motions obtained
from a PSHA analysis for a particular IM is used for other IM hazard curve construction,
the IM hazard curve should be used with care. The power law coefficients for several IM
hazard curves are summarized in Table 9.4. The IM hazard curve for PGA is also shown in

Figure 9.2.

9.3 EDPs of Bridge System

By examining the bridge behavior from multiple numerical analyses, important EDPs
(such as maximum and residual values of bridge pier drift, horizontal slope movement,
embankment settlement, relative displacement between bridge deck and abutment approach,
pile cap movement, and pile curvature) were identified. A list of possible EDPs for the bridge

system is shown in Table 9.5.
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Figure 9.3: IM hazard curves
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The list classifies EDPs into several EDP groups that can be associated with structural
and geotechnical damage and cost estimation. The structural EDP groups include column
drift, expansion joint displacement, bridge approach vertical off-set, break-off wall displace-
ment, and bearing pad shear strain. The structural EDPs were selected to be consistent
to the EDPs used by Mackie et al. (2004), who performed similar analyses using the same
bridge model on competent soil. Abutment slope deformation and pile cap displacement
were included as new geotechnical EDP groups. Even though the actual damage to a pile
is most closely related to pile bending moment or curvature, these EDPs may not be prac-
tical for estimation of damage because they represent response measures that cannot be
easily observed following an earthquake. Therefore, the correlation between pile cap and
pile curvature was investigated. Figure 9.4 shows that the residual pile cap displacement
after shaking and maximum pile curvature were reasonably well correlated, especially for

large pile cap displacements.
9.4 Uncertainties in EDP Estimation

There are several sources of uncertainty in EDP estimation as illustrated in Figure 9.5.
One of the major sources of uncertainty is the record-to-record uncertainty that originates
from the different characteristics of the earthquake motions. Any structural or geotechnical
system response is affected by ground motion characteristics such as peak acceleration,
frequency content, duration, number of cycles, etc. For example, two motions that have the
same peak acceleration could result in significantly different responses if they have different
frequency content, number of cycles, and duration. For that reason, to estimate performance
uncertainty due to earthquake motion uncertainty, it is required to subject the model to
various motions that reflect a range of earthquake source and path characteristics similar
to those affecting the site of interest. In situations like this with multiple simulations, it is
important to identify efficient IMs to reduce the performance uncertainty (less dispersion
in EDP-IM relationship) as well as to reduce the number of simulations required to achieve
a given level of confidence in the EDP-IM relationship.

The second source of uncertainty is the parametric uncertainty that results from inher-

ent material property uncertainties. This uncertainty is comprised of aleatory uncertainty
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Table 9.5: EDP list

EDP EDP EDP Definition
group description symbol
column drift ratio Cl[drift,max] maximum drift ratio

C2qrift,max) | = maximum drift/column height

Cs[drift,max]

C4[drift,max]
pile cap pile cap drift Po[drift,res] permanent lateral displacement

(displacement) P1drift,res) of pile cap

p 2[drift,res]

P 3[drift,res]

P 4drift,res)

P5/drift res)
abutment gap between EJligap,res) relative distance between deck end
exp. joint deck and abutment EJ2[gap,res) and break-off wall
abutment backwall BWl[dx,max] break-off wall displacement =
backwall displacement BW?[dx,max] disp. of bearing pad spring - initial gap
abutment bridge approach BAl[dy,res] relative vertical displacement between
approach vert. off-set BAQ[dy,res] abutment top and adjacent backfill soil
bearing bearing pad BPl[dx,max] maximum relative lateral displacement
pad displacement BPQ[dX max] between deck and stem wall
embankment lateral disp. El[dx,res] average lateral displacement of
slope Ez[dx,res] slope top and toe

settlement El[dy,res] average vertical displacement of

E2 [dy,res]

slope top and toe
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Figure 9.5: Components of total uncertainty in EDP estimation

which represents the natural randomness of a property and epistemic uncertainty which
results from the lack of information or knowledge and shortcomings in measurements and

calculations.

The third source of uncertainty originates from spatial variability. Soil physical prop-
erties vary from place to place within a soil deposit due to depositional factors such as

sedimentation, erosion, transportation, and weathering processes and loading history.

A final source of uncertainty originates from the numerical modeling. Since the OpenSees
bridge model uses model components where assumptions, approximations and simplifica-
tions are made, especially for a complete bridge including several interfacing components,
the simulated response cannot be free from model uncertainty even though the uncertainty
can be reduced using advanced and verified analysis methods and tools that can handle
the simulation properly. This is why the global and local response evaluation performed in

Chapter 8 is so important.

In this study, the first three uncertainties were included in the EDP estimation procedure.
To estimate the record-to-record uncertainty, motions for four hazards levels were used in
the simulations. To estimate parametric uncertainty, 16 model parameters were varied and

results from the simulations were used in First-Order-Second-Moment (FOSM) analysis. To
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evaluate the spatial variability uncertainty, stochastic fields were generated using Gaussian
random fields. The numerical modeling uncertainty was not explicitly evaluated in this

study.

9.5 Record-to-record Uncertainty

Using simulation results for all four hazard levels, several EDP-IM relationships and
uncertainty parameters were obtained for different IMs using a cloud analysis approach.
From the EDP-IM relationships linear regressions in log-log space were obtained to estimate
record-to-record uncertainties assuming a constant lognormal probability distribution of

EDP conditional upon IM.

Based on these results, efficient IMs were identified for different EDPs. For example,
Figure 9.6 shows residual settlements in the right abutment slope as a function of six dif-
ferent IMs. This figure also shows the standard deviation of In EDP residual and median
relationship with median + standard deviation lines. Figure 9.7 shows the same information
for maximum drift ratio in Pier 4. For the right abutment settlement, C AVs appears to be
the most efficient IM (least dispersion in EDP-IM) among the IMs considered in Table 9.3.
For Pier 4 drift ratio, the Cordova parameter at the fundamental structural period appears
to be the most efficient IM. Figure 9.8 compares the efficiency of IMs for the two EDPs.
These results show that the most efficient IMs depends on the EDP being considered.

Using EDP-IM results, record-to-record uncertainties and median EDP-IM relationships
were obtained for several EDP groups. The results are summarized in Table 9.6 where the
corresponding efficient IMs are indicated. This summary table shows that CAVs is one of
the most efficient IMs for the EDPs affected by lateral spreading such as slope deformation,
abutment expansion joint movement, and pile cap lateral movement near slopes, while
spectral acceleration or PGV is more efficient for structural related EDPs such as bridge
pier drift ratio. Overall, residual EDPs obtained at the end of shaking showed higher
uncertainty than maximum EDPs. Pile cap displacements also showed higher uncertainty

than bridge pier drifts.
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Table 9.6: Summary of EDP median coefficients and record-to-record uncertainty for power-
law median response model, EDP = ¢ IM?.

EDP EDP EDP efficient EDP median Oln(EDP|IM)
group description symbol M coef. (a,b)

column drift ratio Cl[drift,max] Cordova(T=0.5) | 3.520e-2, 1.0318 0.327
C2(arift max) PGV 3.080e-2, 0.9867 0.401
C3drift, max] Sa(T=1.0) 3.194e-2, 0.9230 0.432
C4drift, max) PGV 4.799-2, 1.0983 0.304
pile cap pile cap drift Po[drift,res] CAVs 5.567e-5, 0.9996 1.275
(displacement) Pl[drift,res] I 9.908e-4, 0.6818 1.026
P2(drift, res) Sa(T=0.5) 1.930e-2, 1.6540 1.266
P34rift res) CAVs 7.943e-7, 1.6357 0.673
P4yt res) I, 2.526e-4, 1.1586 0.761
P35 drift res] CAV;s 2.464e-6, 1.6554 0.687
abutment gap between EJligap,max) Sa(T=1.0) 7.475e-2, 0.7899 0.737
exp. joint deck and abutment | EJ2(gap,max] Sa(T=1.0) 6.153e-2, 0.6047 0.715
abutment backwall BW1i4y max] PGV 3.899-1, 0.4383 0.197
backwall displacement BWQ[dX max] PGV 5.205e-1, 0.5915 0.195
abutment bridge approach BAl[dy,max] CAVs 5.373e-4, 0.6521 1.173
approach vert. off-set BAZ[dy,max] CAVs 2.259e-4, 0.8635 0.176
bearing bearing pad BPl[dx,max] PGV 2.874e-1, 0.8228 0.340
pad displacement BP2i4x max] PGV 3.683e-1, 0.9540 0.288
embankment lateral disp. El[dx,res] CAVs 1.915e-4, 0.8484 0.874
slope El[dy,res] CAV;s 6.488e-4, 1.6115 0.601
settlement Ez[dx,res] CAVs 3.480e-6, 0.6601 0.168
E24y res CAVs 3.279e-4, 0.8396 0.142
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9.6 Model Parameter Uncertainty

As mentioned before, an important source of uncertainty in the bridge response origi-
nates from uncertainties in the evaluation of material input parameters. The main material
properties used in these analyses, such as soil shear modulus, density, friction angle, and
undrained shear strength, have uncertainties that originate from several sources including:
1) spatial variation of soil deposit and testing error due to randomness of test sample or lo-
cation (e.g., an erratic boulder) and ii) measurement procedures and statistical error due to
insufficient data. The first source is categorized as aleatory uncertainty associated with the
natural randomness of the property. The second source is categorized as epistemic uncer-

tainty related to the lack of information and shortcomings in measurement and calculation.

In this study, a list of material model parameters was considered to evaluate this uncer-
tainty. Input parameter uncertainties was estimated based on literature reviews and judge-
ment. Using the values of the mean + half of a standard deviation for each input parameter,
a sensitivity study was performed, and Tornado diagrams were generated to identify the
most influencing parameters. Then, First-Order Second-Moment (FOSM) analyses were

conducted to estimate the parametric uncertainty of bridge system for different EDPs.

9.6.1 List of Model Parameters

Several bridge model input parameters were considered to estimate the parametric un-
certainty. Shear modulus, friction angle, and undrained shear strength were considered for
all soils. To evaluate the liquefaction sensitivity, one of the contraction parameters related
to pore pressure generation in the PDMY material, was considered. For the various types
of interface springs, initial stiffness and ultimate resistance were considered including the
break-off wall capacity and bearing pad stiffness. Table 9.7 summarizes the selected pa-
rameters and their coeflicient of variance (COV). The COV represents a relative measure

of dispersion and is expressed for a variable, X, as

cov = ZX (9.4)
X
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Table 9.7: Input Parameter Uncertainties

Parameters used COV | Related materials or models Comments
Shear modulus, G 0.4 embankment, clay, loose sand

undrained shear strength, ¢ 0.3 upper and lower clay layer geotechnical
friction angle, ¢ 0.1 embankment, loose sand

contraction parameter, contracl 0.2 loose sand constitutive
py spring (stiffness, K1) 0.4 pile, pile cap, abutment wall interaction
py spring (pult): clay 0.3 pile, pile cap spring
py spring (pult): sand 0.1 pile, pile cap

abutment earth spring (stiffness, Ka) 0.4 abutment wall

break-off wall capacity 0.1 break-off wall in abutment structural
bearing pad (stiffness, K3) 0.05 bearing pad

Shear wave velocity, Vi 0.2 indirect
SPT resistance 0.3 parameters
density 0.08

where, ox is the standard deviation and px is the mean. The COV values shown in the table
were determined based on literature reviews and judgement. Jones et al. (2002) compiled
COV values for several soil properties measured from laboratory and field tests based on
studies by Harr (1987), Kulhawy (1992), Lacasse and Nadim (1996), Phoon and Kulhawy
(1999), and Duncan (2000).

9.6.2 Tornado Diagrams

Relevant input parameters that can strongly influence the bridge behavior can be iden-
tified from sensitivity studies using Tornado diagrams. The parameter values described in
Tables 8.3 and 8.4 for the target bridge model represent the mean values used here as base
parameters. These input values were also used in the simulations performed to evaluate
record-to-record uncertainty. To account for the effect of parameter uncertainty on the
bridge response, each input parameter, X, was varied independently according to its own
uncertainty, ox, while the other parameters were kept constant (i.e., mean values). For ex-
ample, for a particular parameter, three values (X, _, /25 Xy, and X, ;/2) corresponding to

the mean and mean + half of the standard deviation were used in the numerical simulations,
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while the other parameters were held at their mean values. These simulations gave three
responses, §(X,_,/2), 9(Xy), and g(X,1,/2). The total number of simulations was 2N + 1
(including the base simulation), where N is the number of considered input parameters. In
a tornado diagram, the considered parameters are ordered from top to bottom by decreasing
swing, which is calculated by the absolute value of the difference in two outputs, g(X,_5/2)
and g(X,4o/2), for an input parameter. The response values, 9(Xy—o/2) and g(X,5/2),
corresponding to each parameter variation , X, . and X, /3, are often normalized by
g(X,) value, which allows them to be presented as a percentage of g(X,). In this study,
the function g(X) represents the EDPs of interest. Even though the motion dependency
was considered in record-to-record uncertainty, a couple of motions were used for additional
simulations. This was done to account for the effect of motion characteristics and intensities
on the input parameter sensitivities. The motions were selected to be close to the average
response spectra for each hazard. Additionally, the Northridge 1994 motion described in
section 4.3 was considered as an non-near-fault motion and its PGA was scaled to different
values.

Figure 9.9 shows tornado diagrams for the horizontal slope displacements and pile curva-
tures for the Temblor 1966 motion at Parkfield (@4, = 0.47g, Tr = 72 years). The horizon-
tal axis represents normalized maximum EDP (g(X,_,/2)/9(X,) and g(X,40/2)/9(Xy))-
The vertical axis represents the parameters ordered by swing. The figure shows that the
horizontal slope displacement in the left abutment is sensitive to the variation of undrained
shear strength of the clay, while the horizontal slope displacement in the right abutment
is sensitive to the friction angle, clay undrained shear strength, and sand soil contraction
parameter. Figures 9.9¢ and 9.9d show that the clay undrained shear strength controls the
maximum curvatures of Pile 1 near the left slope, while the maximum curvature of Pile 4
near the right slope is sensitive to sand friction angle, clay undrained shear strength and
ultimate resistance of pile cap. Overall, the clay undrained shear strength is one of the con-
trolling parameters for most of the piles that extend through the clay. This was attributed
to the fact that large shear strains were concentrated in the clay soil interface resulting in
large pile curvatures. In addition, the drift of Pier 1 near the left abutment is sensitive to

clay undrained shear strength and loose sand friction angle. The drift of Pier 4 next to the
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right abutment slope is similarly sensitive to several parameters such as shear modulus of
embankment soil and clay and ultimate resistance of pile cap.

Tornado diagrams are helpful in identifying the input parameters that control bridge
response. Friction angle for the loose sand and undrained shear strength for the clay affect
dominantly the bridge responses associated with lateral spreading and slope displacement.
The secondary influencing parameters are soil shear modulus and pile/pile cap interface

spring parameters.

9.6.3 First Order Second Moment (FOSM) Analysis

Tornado diagrams give an insight on the response sensitivity to variation of individual
parameters and help engineers determine where they must put their efforts when deciding
testing and exploration programs. However, Tornado diagrams do not provide quantita-
tive estimates of uncertainty caused by parameter variation. To estimate the effect of
parametric uncertainties, First-Order Second-Moment (FOSM) analyses were used. The
Second-Moment represents the second central moment for a random variable, X. The First-
Order represents the first order term in a Taylor series approximation used to define the
relationship between an output response and input parameters. This relationship can be

expressed as

Y:g(Xl,XQ,...,XN) (95)

where Y is the output response variable and X; are the input parameters (for i = 1 to N).

This relationship can be expanded using a Taylor series of the form

1 99 184 X 8%g
Y = gluxy, uxg s bxn )+ Zl(Xi"/iXi)_'i'_. Z (Xi—px ) (Xj—px,) 55— T
1=

where px, is the mean value of i-th input parameter. Considering only the first order terms,

the series can be approximated as

N
9g
Y = g(MXlaNXza ---,,UXN) + E :(XZ - MXi)aX'
i=1 ¢

(9.7)

where the value of g(ux,, px,; ..., hx, ) is the mean response (uy). The mean response is

obtained from the simulation where all the input parameters are set to the mean (base)
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values. The variance of the output variable can be expressed as

dg 0
a%,zz Zcov Xi, X; )6)‘? (9)? (9.8)

where cov(X;, X;) is the covariance of X; and X; which can be expressed as
COU(Xi,Xj) =PXX; 0X; 0X; (99)

The correlation coefficient, px, x;, varies from -1 to 1. When two variables are correlated
in a positive linear relationship, the value of p is close to 1. For instance, if two variables
are the same, p = 1 and cov(X;, X;) becomes 03(1,. When two variables are correlated in a
negative linear relationship, then the p value is close to -1. If there is no correlation between

two variables, p is zero. Therefore, Equation 9.8 can be expressed as

Using simulation results, Equation 9.10 can be used and parametric uncertainties can

89 b9
+ E E PX;,X; OX; OX; (9.10)
P 1 9X; BX

be evaluated. From the simulations, the mean £ half of standard deviation of the input

parameters can be expressed in terms of the COV
mz— = Ha; — Uzi/z = (1 - COV/Q)/JHM (9'11)

57 = iz + 05,2 = (1+ COV/2)pa, (9.12)

Assuming a linear relationship between z; and :z:l , a—)% can be approximated by a central

difference equation as

0g _ g(z) —g(zi) _ glef) —gley) _ g(af) —g(a7) (9.13)
0X; -’L’j— - T, cov M, Oz, .

Therefore, Equation 9.10 can be expressed as

+ + = ) - i
g(z g(z;) g(z; ( ), 9(z]) — g(zy)
Aay (8D L S gl mote ) ) Z9)y o o,
— a: z; z; Ty — T
=1 =1 j#i @ Zi J J

(9.14)

Since the value of zf - z; is equal to o, this equation can be simplified as

N N N
of =Y lg(z) —g@ ) + 3. D lo(ai) — 9l l9(=]) — 9(=7)] pxix;,  (9.15)

i=1 i=1 joi
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In this study, the values of the correlation coefficients (ps,,.;) between input parameters
were approximated as shown in Table 9.8. These values were determined approximately
considering possible correlations with judgment. Most of the correlation coefficients between
soil and structural parameters were set to zero.

Parametric uncertainties were obtained based on Equation 9.15 using the simulation
results, g(z;) and g(z; ), obtained for two variations (z; and z;7) of each input parameter.
Since there was some variation in parametric uncertainties due to variability in the input
motions, the uncertainty values were averaged. The parametric uncertainties for each EDP
are presented in Table 9.9.

In this study, the sensitivity results were obtained using mean =+ half of a standard
deviation input parameters. When simulaton results from a sensitivity study are used in
a FOSM analysis using Equation 9.14 or Equation 9.15, the response gradient over the
input parameter variation (3—8)%) can be sometimes incorrect. This is because the tangent
of the response function at the mean input parameter value sometimes is not close to the

gradient based on two variations, z;” and z; ; especially when one value is located in the

7 7
left of the peak response and the other value is located in the right of the peak values. This
problem is illustrated in Figure 9.10. Therefore, for more accurate estimation of the effect

of parametric uncertainties, Monte Carlo simulation can be used.

9.7 Spatial Variability Uncertainty of Soil

To investigate the spatial variability uncertainty, Gaussian stochastic random fields were
generated for the clay and liquefiable soil layers by randomizing the assigned soil strength
parameter over the soil layers with a certain spatial probability density. This section briefly
describes the method used to prepare the stochastic fields and presents the estimated bridge
response uncertainty values due to spatial variability. For this purpose 10 random field

simulations for several earthquake motions were performed.

9.7.1 Spatial Variability within Homogeneous Soil Deposits

Physical properties of soils vary from place to place within a soil deposit due to varying

geologic formation and loading histories such as sedimentation, erosion, transportation,
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Table 9.9: Summary of parametric uncertainty

EDP Northridge | Northridge A03 B10 average
symbol (0.1g) (0.25g) (0.46g) | (0.70g)
Cl[drift,max] 0.018 0.040 0.401 0.075 0.134
Cz[drift,max] 0.023 0.025 0.024 0.044 0.031
Cg[drift,max] 0.013 0.042 0.029 0.042 0.031
C4[drift,max} 0.008 0.052 0.042 0.076 0.045
Po[drift,res} 0.062 0.064 0.090 0.056 0.068
Pl[drift,res} 0.118 0.344 0.588 0.082 0.283
PZ[drift,res] 0.784 0.060 0.041 0.653 0.384
P3[drift,res] 0.288 0.051 0.042 0.095 0.119
P4[drift,res] 0.219 0.035 0.029 0.065 0.087
Ps[drift,res} 0.236 0.086 0.047 0.049 0.105
EJ1igap,max] 0.346 0.031 0.070 0.074 0.130
EJ2[gap max] 0.695 0.121 0.075 0.100 0.248
BWl[dx,max] 0.016 0.027 0.022 0.051 0.029
BW214x max] 0.010 0.012 0.018 0.056 0.024
BAl[dy,max] 0.020 0.039 0.025 0.055 0.035
BA2 4y max] 0.040 0.066 0.043 0.084 0.058
BPl[dx,max} 0.346 0.031 0.070 0.074 0.130
BP21qy max] 0.695 0.121 0.075 0.100 0.248
El[dx,res] 0.059 0.067 0.081 0.054 0.065
EQ{dx,reS] 0.019 0.034 0.022 0.049 0.031
El[dy,res] 0.227 0.080 0.047 0.048 0.101
0.035 0.063 0.039 0.080 0.054

E 2[dv res]
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Figure 9.10: Gradient of a response over variation of a input parameter (z3-)

1

and weathering processes. This spatial variability in the soil properties cannot be simply
described by a mean and variance since the estimation of the two statistic values does not
account for the spatial variation of the soil property data in the soil profile.

Spatial variability is often modeled using two separated components: a known determin-
istic trend and a residual variability about the trend. These components are illustrated in
Figure 9.11. The simplified spatial variability (Phoon and Kulhawy, 1999) can be expressed

as

€(z) =t(z) + w(z) (9.16)

where £(z) = soil property at location z, ¢(z) = deterministic trend at 2z, and w(z) =
residual variation. The trend is a smooth deterministic function that can be obtained
from a regression analysis of measured data. The residuals are characterized statistically
as random variables, usually with zero mean and non-zero variance. The pattern of the
residuals depends on the local spatial variability of a property. The residual about a trend
does not change erratically in a probabilistically independent way. Rather, similar property
values (positive or negative residuals around a trend) occur together in adjacent locations
characterizing the scale of fluctuation (or wave length of a residual along the trend) as

shown in Figure 9.11. This spatial distribution can be described by a spatial correlation,
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Figure 9.11: Inherent soil variability - after Phoon and Kulhawy (1999)

referred to as autocorrelation, which represents the correlation of an individual variable with
itself over space. The autocorrelation is the property to show that residuals have a degree
of association among the residual values. This degree of association can be measured by a
correlation coefficient, taken as a function of separation distance. For two values of a soil

property (e.g., ¢, ¢, or SPT) at two locations, the correlation coefficient is defined as

b= Covl€(21),&(22)]
VVarlé(z1)] Var[é(z)]

where, z; and z; are two locations, Cov[£(21),£(22))] is the covariance, Var[é(z1)] and

(9.17)

Var[€(z2)] are the variances of £(z1) and £(22), respectively. The autocorrelation of geotech-
nical data usually falls monotonically from 1.0 to zero with increasing separation distance.
Figure 9.12 illustrates the effect of correlation on residual variation by comparing four cases
with different variance and autocorrelation (Baecher and Christian, 2003). The figure shows
a high variance leads to large residual magnitudes and a large autocorrelation results in long

residual wave lengths.
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Figure 9.12: ITllustration of autocorrelation effect on residual variation - after Baecher and
Christian (2003)

The mathematical function that describes autocorrelation, called autocorrelation func-
tion is expressed as a function of separation distance, ¢, as

1

(o) = Var[w(z)]

Blw(z) w(ziss)] (9.18)

where, Var[w(z)] is the variance of the residuals across the site, and E[w(z;) w(z;1s)] =
Covw(z;) w(z1s)] is the covariance of the residuals spaced at a separation distance §. If
the autocorrelation function is multiplied by the variance of the residuals, Var[w(z)], the

autocovariance function, C(4), is obtained as

C(6) = Elw(z) w(zi+s)] (9.19)

9.7.2  Generation of Gaussian Random Fields

This subsection introduces a procedure for generating stochastic random field based on
the method outlined in Yamazaki and Shinozuka (1988) and considering uncertainties in

soil properties. As explained earlier, the stochastic random field for a soil property consists
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Figure 9.13: Example of generated Gaussian fields

of a trend (or mean) field and a residual field.

Fstochastic = Ftrend + Fresidual (9'20)

The trend field represents the deterministic mean field shown in Tables 8.3 and 8.4. To ob-
tain the residual field, a Gaussian random field was generated using the generation algorithm
used by Yamazaki and Shinozuka (1988).

In the Gaussian field generation used in this study, the standard deviation of spectral
density function was set to 1.0 and the correlation decay coefficients were set to 1.0. The
wave number increment (Ak,) in the x-direction was determined considering the ratio of the
length and height of the space. Several samples of the generated Gaussian field are shown
in Figure 9.13. In the numerical simulation, since individual soil elements had different soil

properties, the stochastic random field was expressed in matrix form as

Fstochastz’c(ia .7) = Fmean(ia .7) + Fresidual (ia ]) = Fean (’i,j) +COV Frean ('i,j) FGaussian(’iaj)
(9.21)
where ¢ and j represent the element position in the horizontal and vertical directions.

Ftochastic 18 @ matrix of stochastic random fields for a soil property, Fieqn is 2 matrix of
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deterministic mean fields, COV is the coefficient of variance of the considered soil property,
and Fgaussian represents the residual Gaussian field in matrix form. The dimension of the
generated field matrix was the same as that of the soil mesh used in the numerical simu-
lations: the rectangular soil domain that includes loose sand and clay layers below ground
surface and above the dense sand layer (i.e., layer 2, 3, and 4 in Figure 8.1). The generated
Gaussian field could not be directly used in the simulation since values in the field were cal-
culated for uniform incremental positions in the horizontal and vertical direction, whereas
the soil mesh in the OpenSees model did not have uniform element size. Therefore, the val-
ues obtained using Yamazaki and Shinozuka (1988)’s method were interpolated according
to the soil element center locations. A summary of the random field preparation procedure

for the bridge FEM analysis is described below:

1. Generate mean field using mean target soil properties

2. Generate Gaussian random (autocorrelated) field for ¢ and ¢ in loose sand and clay
layers (layer numbers 2, 3, and 4 in Figure 8.1) with mean = 0.0 and o = 1.0 :
Yamazaki and Shinozuka (1988)

Normalize the Gaussian Field by the maximum value

Interpolate Gaussian field to FEM mesh

Determine COV values for ¢ and ¢

S v W

Combine the mean field and Gaussian field to obtain a stochastic field using Equation

9.21

To illustrate the difference between deterministic and stochastic fields, a stochastic field
friction angle was considered for the loose sand layer. Figure 9.14 compares the mean friction

angle parameter field (Fineqn) to the Gaussian friction angle parameter field (Fgaussian)-

9.7.8  Spatial Variability Uncertainty

To estimate the spatial variability uncertainty, 10 gaussian fields were generated fol-
lowing Yamazaki and Shinozuka (1988)’s method and the uncertainties of the controlling

parameters found from the sensitivity study were considered, i.e., strength parameters in
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loose sand and clay soil. The COV values used in Equation 9.21 were 0.1 and 0.3 for loose
sand friction angle and undrained shear strength of clay, respectively. When only loose
sand was considered in the Gaussian field, the value of COV in the clay soil element field
was set to zero so that the clay layer was assigned by the mean property values without
random variation. Similarly, when only the clay soil was considered in the Gaussian field
generation, the value of COV for the sand soil element field was set to zero. Using several
motions corresponding to different hazard levels, the response of the bridge model based
on 10 stochastic flelds was obtained and the resulting spatial variability uncertainties were
investigated for three cases: i) loose sand and clay, ii) only loose sand, and iii) only clay.
Since there was some variation in the spatial uncertainty values due to input motions,
the uncertainty values were averaged. The results are summarized in Table 9.10 to 9.12.
Overall, the estimated uncertainties that originated from considering spatial variability of
strength parameters in the loose sand and clay soil were small compared to record-to-record

uncertainty and parametric uncertainty.
9.8 EDP Hazard Curves

This section summarizes the total EDP uncertainties obtained from record-to-record,
parametric, and spatial variability uncertainties. These uncertainties were used together

with IM hazard curves to obtain EDP hazard curves for several EDP groups.

9.8.1 Total Uncertainty

The total EDP uncertainties for several EDP groups were calculated using Equation
9.22 considering the uncertainties discussed in the preceding sections. These results are
summarized in Table 9.13. It is observed in the table that for this case the record-to-record
uncertainty dominantly contributes to the total uncertainty with an almost 90 to 95 % of
ratio. The parametric and spatial variability uncertainties were about 5 to 10 % of the total
uncertainty even though the spatial variability uncertainty was smaller than the parametric

uncertainty.

— 2 2 2
Oln EDP|IM total = \/aln EDP|IM,record + O1n EDP\IM,parameter + T1n EDP|IM,spatial (922)
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Table 9.10: Summary of spatial variability uncertainty (loose sand + clay)

EDP Northridge | Northridge A03 B10 average
symbol (0.1g) (0.25¢) (0.46g) | (0.70g)

ClLidrift, max] 0.008 0.096 0.020 | 0.066 | 0.048
C2(drift max] 0.004 0.118 0.018 | 0.035 0.044
O3 drift max) 0.005 0.012 0.009 | 0.048 0.018
C41drift maxg 0.004 0.071 0.053 | 0.072 0.050
Po[drift,res] 0.053 0.059 0.052 0.085 0.062
P1iyif res) 0.209 0.189 0.094 | 0.073 0.141
Pz[drift,res] 0.108 0.188 0.067 0.488 0.213
P3[drift,res] 0.102 0.108 0.048 0.089 0.087
P4 grift reg 0.098 0.075 0.049 | 0.032 | 0.064
P5 4rift res] 0.080 0.062 0.039 | 0.044 | 0.056
EJlgap,max] 0.016 0.018 0.027 0.070 0.033
EJ2gap,max] 0.004 0.004 0.008 | 0.008 0.006
BW1idx max) 0.002 0.005 0.005 | 0.019 0.008
BW 24y max] 0.001 0.001 0.002 | 0.001 0.001
BAl[dy,maX] 0.009 0.029 0.010 0.096 0.036
BAz[dv,max] 0.024 0.041 0.027 0.055 0.037
BP1gy max] 0.012 0.079 0.016 | 0.040 || 0.087
BP2i4x max 0.004 0.071 0.018 0.050 0.036
Elrgx res) 0.043 0.058 0.044 0.080 0.057
E2[dx,res] 0.010 0.025 0.006 0.088 0.032
El[dy,res] 0.067 0.062 0.038 0.040 0.051
E24y reg) 0.019 0.045 0.029 0.053 0.036
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Table 9.11: Summary of spatial variability uncertainty (loose sand)

EDP Northridge | Northridge A03 B10 average
symbol (0.1g) (0.25g) (0.46g) | (0.70g)

Clidrift, max] 0.003 0.019 0.015 | 0.026 0.016
C2drift max] 0.002 0.013 0.014 | 0019 | o0.012
C3(drift max] 0.003 0.008 0.007 | 0.011 | 0.007
Cidrift max] 0.002 0.056 0.054 | 0.057 | 0.042
POyift res 0.005 0.040 0.027 | 0.044 | 0.029
PLidrift res] 0.123 0.070 0.081 | 0.036 | 0.077
P2qrift res 0.095 0.083 0.058 | 0233 | 0.117
P3(dsift, res) 0.094 0.045 0.042 | 0.075 0.064
P4 grift resy 0.089 0.049 0.046 | 0.036 | 0.055
P54t res) 0.076 0.056 0.043 | 0.019 0.048
E-]l[gap,max] 0.003 0.004 0.030 0.002 0.010
EJ2gap,max] 0.001 0.002 0.005 | 0.002 || 0.002
BWl[dx,max] 0.000 0.001 0.005 0.001 0.002
BW 245 max] 0.000 0.000 0.001 | 0.000 || 0.000
BAlgy max) 0.002 0.029 0.005 | 0.040 | 0.019
BA24y may 0.023 0.035 0.029 | 0.046 | 0.033
BP1dy max] 0.002 0.034 0.018 | 0.029 | 0.021
BP24y max) 0.001 0.064 0.022 | 0.023 | 0.028
Bl gx res) 0.005 0.037 0.024 | 0041 | 0.027
B2y res) 0.002 0.024 0.004 | 0.031 | 0.015
Bligy res) 0.063 0.055 0.041 | 0.019 | 0.045
E2[dy,res] 0.017 0.038 0.030 0.045 0.033
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Table 9.12: Summary of spatial variability uncertainty (clay)

EDP Northridge | Northridge A03 B10 average
symbol (0.1g) (0.25g) (0.46g) | (0.70g)

O, drift, max) 0.008 0.025 0.019 | 0.221 0.068
CQ[drift,max] 0.003 0.006 0.017 0.299 0.081
C3[drift,max] 0.003 0.006 0.008 0.071 0.047
Cidrift,max] 0.003 0.020 0.060 | 0.205 0.072
POdrift res) 0.051 0.071 0.036 | 0.063 0.055
PLidyift res| 0.130 0.106 0.078 | 0.065 0.095
P2(drift res| 0.023 0.101 0.046 | 0.637 0.202
P3drift res) 0.018 0.051 0.026 0.159 0.063
Pdrift res) 0.018 0.022 0.047 | 0.041 0.032
P5 drift, res] 0.017 0.034 0.013 | 0.050 0.028
EJligap,max] 0.014 0.015 0.028 0.069 0.032
EJ21gap, max] 0.003 0.004 0.007 0.007 0.005
BW14x max) 0.002 0.004 0.005 | 0.018 0.007
BW2/dx max] 0.000 0.001 0.001 | 0.001 0.001
BALgy max) 0.009 0.023 0.009 | 0.098 0.035
BA24y max) 0.006 0.018 0.006 | 0.029 0.015
BPLigy max] 0.012 0.036 0.010 | 0.219 0.069
BP24y max] 0.003 0.042 0.005 | 0.199 0.062
Elidx res) 0.042 0.069 0.030 | 0.060 0.050
E24y res) 0.010 0.018 0.006 | 0.090 0.031
El[dy,res] 0.015 0.032 0.012 0.044 0.026
E2[dy res] 0.005 0.014 0.007 0.025 0.013
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Table 9.13: Summary of total EDP uncertainty - percentage is calculated by the ratio of
individual uncertainty to total uncertainty

EDP efficient record-to-record | parametric spatial total EDP
symbol M uncertainty uncertainty | uncertainty | uncertainty
Cl[drift,max] Cordova(T=0.5) 0.327 (84%) 0.134 (14%) | 0.048 ( 2%) 0.356
C2[drift,max] PGV 0.401 (98%) 0.031 ( 1%) | 0.044 ( 1%) 0.404
C3[drift,max] Sa(T=1.0) 0.432 (99%) 0.123 ( 1%) | 0.018 ( 0%) 0.434
C4[drift max] PGV 0.311 (95%) 0.104 ( 2%) | 0.050 ( 3%) 0.311
Po[dx,res} CAVs 1.275 (99%) 0.068 ( 1%) | 0.062 ( 0%) 1.278
Pl[dx,res} I 1.026 (91%) 0.283 ( 7%) | 0.141 ( 8%) 1.073
P2[dx,res] Sa(T=0.5) 1.266 (89%) 0.384 ( 8%) | 0.213 ( 3%) 1.340
P3[dx,res] CAV; 0.673 (95%) 0.119 ( 4%) | 0.087 ( 1%) 0.689
P4[dx,res] I 0.761 (98%) 0.087 { 1%) | 0.064 ( 1%) 0.769
P5[dx,res} CAVs 0.687 (97%) 0.105 ( 2%) | 0.056 ( 1%) 0.697
EJligap,max] Sa(T=1.0) 1.043 (97%) 0.130 ( 3%) | 0.033 ( 0%) 0.749
EJ2/gap,max] Sa(T=1.0) 0.348 (89%) 0.248 (11%) | 0.006 ( 0%) 0.756
BWl[dx,max] PGV 0.197 (97%) 0.029 ( 2%) | 0.008 ( 2%) 0.199
BW?[dx,max] PGV 0.195 (98%) 0.024 ( 1%) | 0.001 { 0%) 0.196
BAl[dy,max] CAVs 0.173 (92%) 0.035 ((4%) | 0.036 { 4%) 0.180
BAZ[dV max] CAVs 0.176 (86%) 0.058 (10%) | 0.037 ( 4%) 0.189
BPl[dx,max] PGV 0.340 (86%) 0.130 (13%) | 0.037 ( 1%) 0.365
BP214x max) PGV 0.288 (57%) 0.248 (42%) | 0.036 ( 1%) 0.381
El[dx,res] CAVs 0.874 (84%) 0.065 (14%) | 0.057 ( 2%) 0.878
EQ[dx,res] CAVs 0.601 (98%) 0.031 (1%) | 0.032 ( 1%) 0.603
El[dy,res] CAVs 0.168 (99%) 0.101 ( 1%) | 0.051 ( 0%) 0.203
Ez[dy,res] CAVs 0.142 (95%) 0.054 ( 2%) | 0.036 ( 3%) 0.156

9.8.2 EDP Hazard Estimation Using a Closed Form

Using the IM hazard curves and the estimated total EDP uncertainties, EDP hazard
curves were obtained using the PEER PBEE framework; either using numerical integration
or the previously described assumptions in closed form. Since the uncertainties in EDP
estimation were based on assumptions of a constant lognormal probability distribution of

EDP residual to median along IMs, the EDP hazard curve could be obtained in closed
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form (Jalayer 2003). To do this it was additionally assumed: i) the IM hazard curve
followed a power law as expressed in Equation 3.14 and ii) the EDP-IM relationship can be
approximated by a power law relationship as expressed in Equation 3.12. The closed form

can be expressed as

EDP. _ 1 k?
Aepp = ko | -~ } k/b exp{ib_g UlanDPIIM,total} (9.23)
or
Aepp = ¢ (EDP)? (9.24)
where the coefficient ¢ = koa®/® exp[%%; UlanDP|IM,total] and d = -—%. The coefficients

k0 and k are the coefficient and exponent of the power law that defines the IM hazard
curve. Looking more closely at Equation 9.23, the first term can be seen to represent the
median relationship between IM and EDP (in the inverted from IM = (%)1/ 5) and the
second represents an uncertainty-based amplification function. This exponential term takes
on a value of 1.0 when the uncertainty in EDP|IM is zero, and values greater than 1.0
when uncertainty in EDP|IM exits. For the hazards under consideration, the corresponding
values for several IMs are presented in Table 9.4. The coefficients a and b represent the
coefficient and exponent of the power law that defines the median EDP-IM relationship.
Corresponding values for the EDPs under consideration in this study are presented in Table
9.6. Total uncertainties in EDP estimation for several EDPs are presented in Table 9.13.
Values for the coefficients ¢ and d are presented in Table 9.14 with the EDP range obtained
from the simulations.

Figure 9.15 presents EDP hazard curves for maximum Pier 4 drift and residual Pile Cap
4 lateral displacement. From the EDP hazard curve, for example, it is expected that Pier 4
and Pile Cap 4 can have 4.6 % of drift ratio and 50 cm of residual lateral displacement every
475 years, respectively. The EDP values that correspond to each return period (75, 475,
and 2475 years) are summarized in Table 9.15. In the figure, EDP hazard curves based on
zero uncertainty in EDP estimation are plotted together with those obtained using the total
EDP uncertainties showing the uncertainties from earthquake and soil result in larger EDP

values for a return period. For example, the Pile Cap 4 lateral displacement is expected to
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Table 9.14: Summary of EDP hazard curve: exponential coefficients

EDP coefficient | coefficient EDP range
symbol c d

Clidrift,max; || 7-8354e-07 | -2.5698 0.2- 9.7 (%)
C2drift,max) || +-2444e-07 | -2.4978 0.2 - 8.8 (%)
CBdrift max) || 1-2170e-06 | -2.2352 0.2 - 13.1 (%)
Cdidyift max; || 21292e-06 | -2.2439 0.3 - 13.8 (%)
PO;grift, res| 5.7960e-04 | -2.3869 | 0.000 - 0.562 (m

P1idrift res 1.0018e-04 | -2.0973 | 0.001 - 0.502 (m
P2,4rift res) 1.2409e-04 | -2.1365 | 0.000 - 0.346
P3qrift res; 1.6531e-04 | -1.4586 | 0.001 - 0.527
P grift res) 9.0295e-04 | -1.2342 | 0.000 - 1.198
PS5 drift res 1.0782¢-03 | -1.4413 | 0.001 - 1.866
EJligap,max) || 1.2992e-05 | -2.6119 | 0.004 - 0.567

EJ2igap,max] 3.4581e-06 -3.4115 0.004 - 0.217

m

m

m

m

m

)
)
)
)
)
)
)
m)
)
)
)
)
)
)
)
)

BWlgy max || 8:4257e-08 | -8.0652 | 0.000 - 0.667 (m
BALgy max) | 1.0650e-07 | -3.6588 | 0.013 - 0.125 (m
BA2y max) || 7-6176e-06 | -2.7629 | 0.015 - 0.274 (m
BPligy max) || 2:2324e-04 | -1.8777 | 0.004 - 0.589 (m
BP24y max] || 4-8268e-04 | -1.7349 | 0.003 - 0.997 (m
B gy resy 5.8392¢-05 | -2.8123 | 0.003 - 0.563 (m
B2y res) 9.7270e-04 | -1.4806 | 0.002 - 1.840 (m
Eligy res) 3.1000e-07 | -3.6142 | 0.015 - 0.178 (m)

(
(
(
(
(
(
(
(
(
BW2/4y max) || 1-1128e-10 | -11.382 | 0.000 - 0.317 (m
(
(
(
(
(
(
(
(

Ez[dy,resj 1.0355e-05 -2.8483 0.018 - 0.293 (m)
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Table 9.15: Summary of EDP at different return periods

EDP Tr Tr Tr
symbol = 75 years | = 475 years | = 2475 years
Cligrift,max) || 22217 (%) | 4.6296 (%) | 8.8005 (%)
C2drift max) || 15576 (%) | 3.3150 (%) | 6.4194 (%)
C3[drift,rnax] 1.5303 (%) | 3.5592 (%) 7.4486 (%)
Cliarify max || 19955 (%) | 4.6260 (%) | 9.6536 (%)
PO,arift res) 0.2643 (m) | 0.5825 (m) | 1.1632 (m)
P1idrife res) 0.0952 (m) | 0.2341 (m) | 0.5143 (m)
PQ[drift,res] 0.1099 (m) | 0.2658 (m) 0.5755 (m)
P3drift res) 0.0479 (m) | 0.1748 (m) | 0.5419 (m)
P4drift res) 0.1092 (m) | 0.5037 (m) | 1.9185 (m)
PS5 dyift ves) 0.1698 (m) | 0.6286 (m) | 1.9758 (m)
EJligap,max] || 0.0692 (m) | 0.1426 (m) | 0.2682 (m)
EJ2gap,max) || 0.0878 (m) | 0.1527 (m) | 0.2477 (m)
BAl[dy,max] 0.0400 (m) | 0.0670 (m) 0.1051 (m)
BA24y max] || 00660 (m) | 0.1307 (m) | 0.2376 (m)
BPligy max | 01108 (m) | 0.3027 (m) | 0.7291 (m)
BP24y rmax || 01442 (m) | 04279 (m) | 1.1079 (m)
Bligx res) 0.1429 (m) | 0.2795 (m) | 0.5027 (m)
B2(dx res) 0.1660 (m) | 0.5936 (m) | 1.8101 {m)
Bligy res| 0.0516 (m) | 0.0870 (m) | 0.1374 (m)
B2,4y res 0.0798 (m) | 0.1548 (m) | 0.2763 (m)

be 50 cm and 35 cm for 475 years of return period resulting in more conservative design

due to the uncertainty. This also represents the importance of efficient IM.

9.8.3 IM Efficiency and EDP Hazard Curve

The uncertainty in EDP estimation and its efficiency are reflected in the mean annual
rate of the EDP exceedance in EDP hazard curves. Equation 9.23 shows that the term
including the uncertainty (o1, gpp|ras) amplifies the mean annual rate of EDP exceedance.
To illustrate this effect, Figure 9.16 shows EDP hazard curves for the maximum drift ratio
in Pier 4 and the lateral residual displacement in Pile Cap 4 with different IMs. For

the maximum drift in Pier 4, PGV gives the lowest mean annual rate of exceedance and
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—using total uncertainty (¢ = 0.31)
- = =Using zero uncertainty (¢ = 0.00)|:

Mean annual rate of exceedance, XEDP (1/year)

Pier 4 max. drift ratio (%)

(a) Maximum Pier 4 drift

S ——ysing total uncertainty (6 = 0.77) |
- - -using zero uncertainty (c = 0.00):

10 0 20 40 60 80 100 120
Pier 4 max. drift ratio (%)

Mean annual rate of exceedance, XEDP (1/year)

(b) Residual Pile Cap 4 lateral displacement

Figure 9.15: EDP hazard curves for maximum Pier 4 drift and residual Pile Cap 4 lateral
displacement
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is the most efficient IM for this case. For the lateral residual displacement in Pile Cap
4 , CAVs gives the lowest mean annual rate of exceedance. The mean annual rate of
exceedance of each EDP hazard curve is consistent with IM efficiency. For example, the Pier
4 maximum drift ratio hazard curves presented in the Figure 9.16 shows lower mean annual
rate of exceedance in the order such as PGV, Cordova(T=0.5sec), I,, CAVs, Sa(T=1.0sec),
PGA, and Sa(T=0.5sec). This order is consistent with the efficiency order shown in Figure
9.8b. The plot demonstrates that an efficient IM produces equally conservative performance
estimations (at given mean annual rates of occurrence) at lower EDP levels. Since designs
are generally based on EDPs, the use of efficient IMs allows more economical designs without

any reduction in safety. This study shows the importance of evaluating IM efficiency.

9.9 Summary and Conclusions

The PEER Performance Based Earthquake Engineering (PBEE) methodology was ap-
plied to a typical Caltrans highway bridge founded on liquefiable soil and subjected to lateral
spreading. The model was subjected to 40 earthquake motions representing four different

hazard levels.

9.9.1 Uncertainties in EDP Estimation

In the process of EDP hazard curve estimation, several sources of uncertainties were
addressed including: record-to-record uncertainties, parametric uncertainties, and spatial
variability uncertainties. To estimate the record-to-record uncertainty, the bridge model was
subjected to 40 near-fault motions corresponding to four hazard levels in a cloud analysis
approach. The record-to-record uncertainty was obtained from the residuals obtained from
EDP-IM regression relationships. In the uncertainty estimation, the efficiency of several IMs
was investigated with respect to structural and geotechnical EDPs. CAVs was found to be
an efficient IMs for lateral spreading related EDPs such as slope displacement or movement
of pile caps near slopes.

To estimate the parametric uncertainty, variation of 16 input parameters were consid-
ered in a sensitivity analysis. Tornado diagrams showed that strength parameters such as

sand friction angle and clay undrained shear strength were the most influential parameters.
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Mean annual rate of exceedance, XEDP (1/year)
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Pier 4 Max. Drift (m)

(a) Maximum Pier 4 drift
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(b) Residual Pile Cap 4

Figure 9.16: Effect of IM efficiency on EDP hazard curves
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Initial stiffness and ultimate resistance of interface spring belonged to a secondary group of
influencing parameters. The parametric uncertainty was obtained using First-Order Second-
Moment analysis as an approximate estimation. Finally, to estimate the spatial variability
uncertainty, stochastic fields for the clay and loose sand layers were generated considering
strength parameter variability.

By combining the uncertainties, total uncertainties for several EDPs were obtained.
Record-to-record uncertainty appeared to be the most dominant uncertainty among the
three uncertainties (about 90 to 95 % of the total uncertainty). The parametric and spatial
variability uncertainties were secondary contributors (accounting for about 5 to 10 % of the

total uncertainty).

9.9.2 Integration of Uncertainty through PEER PBEE Framework

In this dissertation, EDP hazard curves were developed for several bridge EDPs inte-
grating the (total) uncertainties in bridge performance estimation with the seismic hazard
curve. The integration was performed in closed form assuming: i) the lognormal probability
distribution of EDP residual to median is constant along the IMs, ii) the IM hazard curve
follows a power law, and iii) the EDP-IM relationship can be approximated by a power law
relationship.

The IM hazard curves and EDP hazard curves corresponding to the most efficient IMs
for each EDP were expressed in an exponential form. The results of the hazard curves,
EDP-IM median relationship, EDP uncertainties, range of EDP values for each EDP were

sumimarized.
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Chapter 10

SUMMARY, CONCLUSIONS AND RECOMMENDATIONS FOR
FUTURE RESEARCH

10.1 Introduction

Many bridges are subjected to damage during earthquakes. The pattern and severity
of this damage varies from column failures and bridge deck collapse due to joint unseating
to pile and abutment foundation failure due to lateral spreading. In these problems, soil-
pile-structure interaction (SPSI) plays an important role. SPSI is affected by soil conditions
(e.g., competent soil and liquefiable soil) and loading conditions (e.g., earthquake intensity,

motion characteristics, and shaking direction).

In this context, two bridges with different soil conditions and loading conditions were
considered in this research focusing on key aspects of SPSI. One is a two-span portion of
a bridge supported by drilled shafts embedded in a competent soil (dry dense sand). The
other represents a typical five-span highway bridge system supported by pile groups embed-

ded in liquefiable soils and subjected to lateral spreading.

To better understand SPSI in soil-bridge systems, numerical simulations were performed
in OpenSees to capture the response recorded in centrifuge experiments and the Beam-on-
Nonlinear-Winkler-Foundation (BNWF) modeling approach was validated as a tractable
model to capture the dynamic response of soil-structure systems. Further, an approximate
SPSI method, here referred as Equivalent Cantilever Method, was investigated and used for

the analysis of a calibrated reinforced concrete bridge.

A numerical model of a complete bridge system was developed to understand the global

behavior of bridges subjected to lateral spreading. Using a comprehensive numerical model,
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bridge performance hazards were estimated considering several sources of uncertainties in

a Performance Based Earthquake Engineering (PBEE) framework.

10.2 Summary and Conclusions

The results and findings that emerge from this research on the seismic response of
bridges are summarized considering various SPSI aspects and applications; including: i)
understanding of dynamic SPSI of bridge structures embedded in a competent soil and
validation of BNWF models, and ii) evaluation of the seismic response of a complete bridge
subjected to lateral spreading and estimation of bridge performance hazards considering

several sources of uncertainties using the PEER PBEE framework.

10.2.1 Understanding of Dynamic SPSI of Bridge Structures in a Competent
Soil and Validation of BNWF Models

Soil-pile-structure interaction of drilled-shaft-supported bridge structures were investi-
gated by performing three centrifuge tests and numerical simulations using OpenSees. In
this study, conditions that can be encountered in a bridge structure design, or analysis,
were considered using various motions with varying intensity and frequency contents. The
study included: i) a two-span bridge embedded in soil with varying ground surface elevation,
ii) bent structures subjected to different orientations of shaking, and ii) several bent and
single pile structures with different pile embedment lengths. These scenarios were aimed to
investigate the effect of higher nonlinear soil-pile-structure interaction or the superstructure

response.

Centrifuge Experiments of Bridge Structures

The centrifuge two-span bridge, bents and single piles were supported by drilled shaft
foundations installed in fairly good soil conditions (i.e, dry dense sand). The individual
bents had different clear heights above the ground surface due to varying ground surface

elevation across the bridge. When earthquakes motions were applied in the transverse di-
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rection, this soil configuration mobilized different lateral stiffness at each column resulting
in twisting of the bridge structure. This mode of deformation increased the demand on the

outmost drilled shafts.

When the two-column bents were subjected to shaking with various orientations, the
translation mode dominated the structural response and twisting had a minor effect. The
bent with a 30-degree angle with respect to the direction of shaking (Bent-30) had a similar
response as the bent with 0 degree angle (Bent-00). Bent-60 showed high frequency com-

ponents in the superstructure response that were associated with superstructure rocking.

Three single piles with varying pile embedment lengths (12D, 7.5D, and 5D) were shaken
with different motions. The piles with long and medium embedment lengths showed sim-
ilar response indicating that the existence of the pile below 8D did not contribute to the

dynamic superstructure response for this particular soil condition.

Two-column bents (Bent-LL-Hy and Bent-SS-Hy) with long and short pile embedment
lengths (12D and 5D) were considered. In these structures, the superstructure mass was
increased to induce larger nonlinear response. The superstructure response was slightly
different depending on motion intensity indicating more nonlinear effects due to increased

motion and superstructure mass.

With the idea of generating more twisting, different pile embedment lengths (12D and
5D) were considered with two different superstructure masses (Bent-LS-Hy and Bent-LS-Lt).
Even with different pile embedment lengths, the translational mode of the superstructure
dominated and twisting was small. The heavier structure showed very similar response in
both pile locations. The lighter bent showed high frequencies in the response associated

with superstructure rocking.
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Numerical Simulation of Centrifuge Ezxperiments

The bridge structures studied in the centrifuge experiments were simulated using OpenSees
BNWF models. To capture the six degrees-of-freedom response, three-dimensional (3-D)
nonlinear models were used together with transverse and longitudinal p-y springs. For these

cases, 1-D shear beam soil models were coupled to the structure through p-y springs.

Using the Pressure Dependent Multi-Yield elasto-plastic material model available in
OpenSees, the soil response in the centrifuge container could be captured reasonably well
for motions with various intensities. The 2-D soil model used to represent the centrifuge
container gave slightly better results than the 1-D soil model. The natural period of soil in
the centrifuge container was investigated by evaluating the transfer function between the
base and soil at 2.6 m depth. The centrifuge test transfer function was compared with
the transfer functions obtained using 1-D shear beam and 2-D soil container models. The
natural period of the soil in the centrifuge test (0.67 sec) was longer than that obtained
from the OpenSees eigenvalue analysis (0.52 sec for 2-D model and 0.48 sec for 1-D model
based on the soil condition before shaking). Particularly, the natural period of the 1-D shear
beam soil model was shorter indicating a slightly stiffer soil system. The transfer function

obtained using the 2-D soil model captured very well the recorded centrifuge response.

The OpenSees bent simulation results were in good agreement with the centrifuge re-
sults in terms of superstructure acceleration and pile bending moments. The response of
the single pile structure was also well captured, especially in terms of superstructure accel-
eration. However, the simulated single pile maximum bending moments near the ground

surface were underestimated for strong shaking and frequency sweeping shaking.

The numerical model developed for the two-span bridge structure and the oriented bents
captured well the centrifuge response for various motions, including bridge twisting and su-

perstructure rocking, and maximum bending moment distribution.
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The superstructure response and pile force of Bent-LL-Hy and Bent-SS-Lt were well
captured in OpenSees for moderate shaking. However, for the sweeping frequency motion
(@maez=0.41g), both responses were underestimated. The three single pile superstructure
centrifuge responses were well captured in OpenSees. However, the maximum bending mo-
ments were overall underestimated. The results of the long-and-short-embedment-length
bent structures subjected to longitudinal shaking were well captured in OpenSees. How-
ever, the acceleration of the heavy superstructure was underestimated for the frequency

sweeping motions resulting in smaller maximum pile bending moments.

Overall, the simulation results for the bent structures subjected to the longitudinal direc-
tion of shaking (Bent-LS-Hy and Bent-LS-Lt) and single piles (sPile-L, sPile-M, and sPile-S)
showed similar response (i.e., good estimation of superstructure acceleration, but underesti-
mation of pile force for Northridge motions). However, the heavier structure (Bent-LS-Hy)
response subjected to a sweeping motion was underestimated with OpenSees. Similarly,
the simulation results for the heavy bent structure subjected to the transverse direction of
shaking (Bent-LL-Hy and Bent-SS-Hy) was underestimated for frequency sweeping motion;

even though the simulation results were well predicted for the Northridge motion.

From the comparison of centrifuge and simulation results, it was concluded that the
BNWF models are capable of providing reasonably good estimation of the seismic behavior
of a bridge structure supported by drill shaft foundations embedded in good soil conditions

(i.e., uniform dry dense sand) and for earthquake motions with various intensity levels.

Sensitivity Studies on Bent and Single Pile

To understand the effect of soil-pile-structure interaction in this bridge structure and
to obtain more confidence on the use of conventional p-y spring parameter assignments,
parametric studies were performed using OpenSees considering the effect of soil motion and

p-y spring stiffness and ultimate resistance on superstructure and pile response. Two pile
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bents and single pile structure were considered in this study.

The natural period of the soil-foundation system was investigated by evaluating the
transfer function between the soil and superstructure motions. From the study, it was
found that the natural period of the soil-foundation system plays an important role on
SPSI in bridge structures. The frequency content of the soil motion was founded to be sig-
nificantly related to the structure response depending on the natural period of the soil-pile
system. One interesting aspect obtained from this study was that the natural period of the
soil-structure system varied with the mobilized system nonlinearity ; which was affected by
motion characteristics and intensity. For example, the natural periods of the bent and single
pile subjected to moderate shaking (amqe, = 0.25g) were about 1.0 second and 2.5 second,
respectively. However, for the frequency sweeping motion (apmq; = 0.41g), the natural pe-
riods became 1.2 second and 3.2 second (about 15% and 30% increase), respectively. To
investigate the natural period variation during shaking, eigenvalue analyses were performed
in OpenSees at every time step for a single pile structure. For moderate shaking, the natural
period increased from 2.0 sec to 2.3 sec (15% increase) during shaking. For strong shaking,

the natural period increased from 2.0 sec to 2.7 sec (35% increase).

To change the soil motion, various soil masses and stiffness were used. The bent and
single pile response was insensitive to the change of soil motion for moderate and strong
shaking. This is because the frequency range that was affected by the changed in soil mo-
tion was not close to natural period of the soil-structure system. This observation was more

evident in the single pile structure whose natural period was longer.

The p-y spring parametric study was conducted considering different p-y spring stiffness
and ultimate resistances. Parameters were increased and decreased by 20 % with respect
to the base model parameters. To investigate the depth at which p-y springs plays an
important role on the superstructure response, several cases were considered, including:
near-surface region (from the surface to 3D depth), deep region (below 3D depth), and full
pile embedment depth. The change of p-y spring parameters at larger depths did not affect

the superstructure and pile response. When the near-surface and full depth regions were
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considered, the superstructure response was very similar.

The p-y stiffness parameter change did not affect the superstructure accelerations for
moderate and strong shaking. However, the maximum bending moments and shear forces
were slightly affected by the stiffness change. For the single pile cases, the effect of the
p-y initial stiffness was less sensitive than for the bent structure. The change in p-y spring
ultimate resistance did not affect the superstructure response at the bent and single pile
structure for moderate and strong shaking. Particularly, the peak superstructure accelera-
tion was only slightly changed. However, the bending moment and shear force distributions
were influenced. When the ultimate resistance was decreased, the maximum bending mo-

ment (i.e, zero shear force) location moved deeper.

From the sensitivity study, it was concluded that the bent and single pile superstructure
response was insensitive to changes of soil ground motion and initial stiffness and ultimate
resistance of p-y spring. The change of ultimate resistance slightly affected the bending
moment distribution in the pile. Therefore, conventional p-y spring parameters for this
particular structure and soil condition (uniform dry dense sand) can be used with less con-
cern. A source for this insensitivity was found to be the hyperbolic characteristics of the
p-y curve envelope which shows a plateau after reaching ultimate resistance without any
hardening. Another conclusion from the study was that the frequency content of the base
or soil motion was significantly related to the structure response depending on the natural
period of the soil-pile system. The natural period of the bridge system became longer due

to soil (or p-y spring) nonlinearity.

Evaluation of Equivalent Cantilever Approach Using a Calibrated Prototype
Bridge

A prototype bridge model was developed coupling i) the soil and p-y spring models

verified in the centrifuge test study and ii) a reinforced concrete bridge structure model
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calibrated by Ranf (2007) using experimental data from large shaking table tests (Johnson
et al.,, 2006) and strong wall tests (Makido, 2007). Using the prototype reinforced con-
crete bridge model, the equivalent cantilever approach was evaluated and the location of
the fixity depth was investigated considering four hazard motions. From the simulation
of the two-span prototype bridge subjected to shaking with various intensities, maximum
bending moments were observed at 3.0D to 3.5D depth. From the equivalent cantilever
model simulations, it was observed that for weak shaking, the fixity depths that give accu-
rate prototype bridge response (maximum shear force) were about 3D to 3.5D. For strong
shaking, the optimal fixity depths were located at around 2.5D to 3D. From the study, it
was concluded that reasonable dynamic SPSI results can be obtained using 2.5D to 3.5D
fixity depths for uniform dry dense sand conditions. In addition, dynamic simulations using
the calibrated prototype and fixed bridge model showed that the equivalent depth-to-fixity
and depth-to-maximum-moment evaluated from Chai (2002)’s method were very similar to

the optimal fixity depths and provide a good estimation of maximum column shear force.

10.2.2 Ewvaluation of Seismic Soil-Pile-Bridge- Abutment Interaction of a Com-
plete Bridge Subjected to Lateral Spreading and Estimation of Bridge
Performance Hazards Using the PBEE Framework

The PEER Performance-Based Earthquake Engineering (PBEE) methodology was ap-
plied to a typical Caltrans highway bridge founded on liquefiable soil and subjected to lateral
spreading. A complete geotechnical bridge system finite element model, including abutment
structures and pile foundations embedded in realistic soils was developed and coupled to
a well-defined bridge structural model (Mackie and Stojadinovic 2003). The model was

subjected to 40 earthquake motions representing four hazard levels.

The study showed the importance of understanding the global bridge behavior. In addi-
tion, by including several sources of uncertainties in the PBEE framework, the seismic bridge
performance could be evaluated using a probabilistic approach demonstrating a logical and

useful way to be considered in conventional design and analysis of earthquake problems.
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Importance of Global Bridge Behavior

Appropriate modeling of soil-pile-structure interaction and soil-abutment-bridge inter-
action under lateral spreading helped identify realistic force boundary conditions at the
pier base and bridge deck ends. Using this model, the global behavior of the bridge system
could be better understood and important EDPs could be identified. This study showed that
the global response of a soil-foundation-bridge system is quite complex, particularly when
soft and/or liquefiable soils are present. The use of a detailed OpenSees model provided
improved understanding of the global response, and allowed the identification of damage
mechanisms that would not be captured using the simplified analyses commonly used in

contemporary practice.

Effect of Lateral Spreading on Global Bridge Behavior

An important global bridge behavior identified in this study was the abutment-to-
abutment interaction through the bridge deck caused by different levels of lateral spreading
and its effect on the drift of the bridge piers near slopes. Since the amount of lateral spread-
ing in the right abutment was considerably greater than that in the left abutment, the entire
bridge deck moved towards to the left abutment. At the same time, lateral spreading pushed
the pile cap of the pier near the right slope to the left, so the column drift was smaller. On
the other hand, the pier near the left slope was subjected to large column drifts because
the bridge deck moved to the left and the pile cap at the bottom of the column moved to
the right due to lateral spreading of the left abutment.

Uncertainties in EDP Estimation

In the process of EDP estimation, several sources of uncertainties were considered in-
cluding: record-to-record uncertainty, parametric uncertainty, and spatial variability uncer-
tainty. For the record-to-record uncertainty, the bridge model was subjected to 40 near-fault
motions corresponding to four hazard levels using a cloud analysis approach. The record-
to-record uncertainty was obtained using EDP residuals with respect to the linear median

which was obtained from EDP-IM relationships in log-log space; assuming a constant log-
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normal probability distribution of EDP residual to median along IMs. In the uncertainty
estimation, the efficiency of several IMs was investigated for structural and geotechnical
EDPs. CAVs was found to be an efficient IM for lateral spreading related EDPs, such as

slope displacement or movement of pile caps near slopes.

To evaluate the parametric uncertainty, sensitivity analyses were performed considering
the variation of 16 input parameters and Tornado diagram were generated. The Tornado
diagrams showed that strength parameters, such as friction angle and undrained shear
strength, were the most influencing parameters. Soil stiffness and interface spring ultimate
resistance appeared to be secondary influencing parameters. The parametric uncertainty
was obtained using First-Order Second-Moment analyses. Finally, for the spatial variability
uncertainty, stochastic fields for the clay and loose sand strength parameters were generated

using Yamasaki and Shinozuka (1988)’s method.

By combining the uncertainties, total uncertainties for the EDPs were obtained. Record-
to-record uncertainty appeared to be the most dominant uncertainty among the three un-
certainties considered (about 90 % to 95 % of the total uncertainty). The parametric
uncertainty showed a secondary effect (about 5 to 10 % of the total uncertainty) and the

spatial variability uncertainty was found to be a minor contributor to total uncertainty.

Integration of Uncertainty through PEER PBEE Framework

EDP hazard curves were developed for several bridge EDPs integrating the (total) EDP
uncertainties and the seismic hazard curve. The integration was performed in closed form.
The IM hazard curves and EDP hazard curves for the most efficient IMs for each EDP
were expressed in an exponential form. The results of the hazard curves, EDP-IM median

relationship, uncertainties, range of EDP values for each EDP were summarized.
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10.3 Recommendations for Future Research

The centrifuge experiments and their numerical simulations have provided many impor-
tant conclusions for bridge soil-pile-structure interaction and validated the BNWF model
for dynamic bridge structure response estimation. The study of a complete bridge on lig-
uefiable soil has also helped us understand the global bridge behavior and allowed us to

estimate bridge performance hazards following the PEER PBEE framework.

Besides these achievements, this research has also challenged us to consider the poten-
tial use of these validated and comprehensive numerical tools to better understand SPSI
in bridges. Nevertheless, there are still some limitations and challenges to improve and
overcome in bridge numerical modeling. In this context, the author suggests several recom-

mendations for future research on these topics.

10.3.1 Recommendations for SPSI Study of Soil-Bridge System in Competent

Soil Conditions

The use of the dynamic Beam-on-Nonlinear-Foundation simplification (BNWF) with
conventional p-y spring has been verified for the seismic Soil-Pile-Structure Interaction
(SPSI) of a bridge structure founded in good soil conditions. The study has improved the
confidence on using this approach for dynamic bridge structure response estimation and
p-y parameter assignment. The following ideas can be considered as an extension of this

research:

1. The laterally loaded pile often shows gapping between pile and soil. This phenomenon
may influence SPSI since the near-surface soil resistance can strongly affect the su-
perstructure response and pile force. In this context, the BNWF approach can be
used to investigate the dynamic response of the bridge system where gapping between
pile and soil is developed. The gapping effect can be modeled using the p-y spring

material available in OpenSees.
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2. The location of fixity depths for two-column bents, that provide reasonable SPSI

simplifications, have been evaluated using the equivalent cantilever method for various
intensity motions. This study can be considered for bent and single pile structures

which have different aboveground heights and different soil conditions.

. The two-span bridge model can be expanded to a full bridge that includes abutment

structures that could be used to understand the response of bridges in the transverse

direction.

10.3.2 Recommendations for Complete Soil-Bridge System Modeling and Its

Use in PBEFE Applications

The study on seismic bridge performance has shown the usefulness of the PEER PBEE

approach, especially for bridges subjected to lateral spreading. The results have encouraged

to move forward to a complete demonstration of the PEER PBEE methodology including

damage and repair cost evaluation. Further, a more practical application of the PBEE

methodology to bring decision makers and stakeholder to various decision options is needed

to demonstrate the benefits of the PEER PBEE methodology.

1. The bridge damage mechanism observed in the comprehensive numerical simulation

has shown that lateral spreading is one of the most influencing factors on seismic
bridge behavior. However, the amount of lateral spreading can be affected by pinning
due to the existence of the pile foundation in the embankment slopes. In this context,
more research is required to better understand the foundation pinning effect and to
reduce the numerical uncertainty. For example, appropriate choice of soil element out-
of-plane thickness in 2-D finite element analysis can be obtained from experimental

tests and 3-D embankment slope simulations.

A complete application of the full PEER PBEE framework, from the seismic hazard to
the cost risk, is necessary to demonstrate the applicability of the PBEE methodology.

In this context, the repair cost of the structural and geotechnical damage should
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be evaluated for a total bridge repair cost. To evaluate the structural damage and
repair cost, the bridge structure damage/repair cost evaluation procedure proposed
by Mackie et al. (2006) can be followed; since the same bridge model was used in
both their study and this research. This will allow us to compare the damage cost
of a bridge embedded in good soil and in liquefiable soil. To evaluate geotechnical
damage/repair costs, especially for the pile foundation, reasonable damage and repair
cost fragility curves should be established based on professional judgement and surveys

to experts.

. The most important product of a PEER PBEE analysis is the risk curve. To bring
decision makers and stakeholder decision options for a planned or existing bridge de-
sign, a practical PBEE methodology should be established to demonstrate the benefits
of the PBEE approach. One good example could be to use the PBEE framework to
evaluate retrofitting options for an existing bridge susceptible to lateral spreading, so
that decision makers are informed of the cost-effective retrofit strategies or the need

for a new structure.
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Appendix A

SENSITIVITY OF TWO-COLUMN BENT AND SINGLE PILE
STRUCTURES

The response of the bridge components in the centrifuge was well captured in OpenSees
using the BNWF models based on conventional p-y springs and 1-D shear beam soil columns.
The reasonably well predicted global response results from the combination of several model
components including: 1) soil model which generates the correct free-field motion, ii) soil-pile
interface spring model, and iii) the structural model which captures the nonlinear structural
behavior. To gain confidence on this simplified modeling approach, a sensitivity study on the
response of each component is necessary. In this context several questions were addressed

to better understand soil-pile-structure interaction in bridge structures. Among them are:

e How sensitive is the superstructure response to the ground soil response?
e Is the sensitivity the same for bents and single piles?

e How much is the structure response influenced by p-y parameters (stiffness and ulti-

mate resistance)?

¢ How much does the p-y parameter variation with depth affect the superstructure

response?

e How much is the structure and soil response affected by motion intensity and nonlin-

earity?

¢ The sPile-1 simulations captured well the superstructure response but underestimated
the the maximum bending moment near the surface. The two-span bridge simulations
also captured well the superstructure response but failed to reproduce the soil resis-
tance distributions back-calculated from experimental data (Figure 5.25). How can

we explain then these discrepancies?
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To find answers to these questions a sensitivity study was performed considering various

values of soil and p-y parameters for bents and single piles.

A.0.8 Base Model

To perform the sensitivity study a base model was considered. The soil properties of the
base model were the same as the parameters used in the centrifuge simulations presented
in earlier chapters. The reference shear modulus of the soil was estimated to be 910,000
kPa using impulse shear wave velocity measurements as shown in Figure 5.1. The soil
(inertial) mass was increased by 30 % of the original soil density (1.66 Mg/m?) to account
for the presence of the centrifuge flexible container ring mass. In OpenSees, the p-y spring
elements use API recommendations. The main parameters required to define the p-y curve
are the initial stiffness and ultimate resistance. To define the initial stiffness, yso, (i.e.,
the displacement that corresponds to half of the ultimate soil resistance) was used. The
ultimate resistances (py;) at different depths is determined following Reese’s (1974) method
and the ys¢ values are obtained solving API’s hyperbolic tangent expression as shown in
Equation 4.1 at each corresponding depth. In OpenSees, about 5 % of numerical damping
associated with Rayleigh damping and Newmark integration parameters (o« = 0.6 and 8 =
0.3) was used to match the centrifuge test results. The soil element out-of-plane thickness
was determined as 40 times the pile diameter (40D) to ensure the generation of freefield
motions and to avoid a large vertical stress discontinuity in the soil column; which occurs at
the pile tip location due to the vertical weight of the structure. The base model parameters
are summarized in Table A.l together with structure types and input motions. In the
sensitivity study, the bent and single pile models used in CFG2 were considered. Various

motions with different intensity and frequency content were used in the analysis.

A.0.4 Parameter Variation

The purpose of this sensitivity study was mainly to investigate the effect of the variation
in soil motion and p-y parameters on the bridge bent response. To modify the soil motion,

several soil shear moduli and densities were considered in the simulations. In this study,
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Table A.1: Structures, motions, and base variable values used in sensitivity study

Structure type Single pile

Two-column bent

Input motion Moderate Northridge (peak 0.25g, ID = MIL02-11)
Strong Northridge (peak 0.74g, ID = MIL02-13)
Frequency sweeping (peak 0.41g, ID = MIL02-16)

Base model parameters | Reference soil shear modulus (G,) = 910,000 kPa
(Inertial) Soil density (o) = 1.66 + 0.3 x 1.66
p-y curves (yso and py¢) based on API (1993)
Numerical damping: around 5 %

Soil element out-of-plane thickness: 40 D

three cases that generated different soil motions were analyzed, including: i) base soil model,
ii) a soil model with increased density, and iii) a soil model with increased density and shear
modulus. In the second model, a 1.5 x 1.66 Mg/m? soil mass was used (15 % increased
base density) keeping the same base shear modulus. The soil parameters used in the third
soil model were a 130,000 kPa reference shear modulus and 2.0 x 1.66 Mg/m® soil mass.
This was done in an effort to find soil properties that provided a soil response closest
to that recorded in the centrifuge, even though these values were not physically close to
those corresponding to the centrifuge soil. In this study, the soil properties were changed
independently of the p-y spring parameters.

The p-y parameters (initial stiffness and ultimate soil resistance) were varied considering
80 % and 120 % of the base p-y parameters. When varying these parameters, the soil
properties followed the base model properties. Since conventional p-y parameters were
developed from push-over field tests, there is not sufficient information on the effect of p-y
parameters on the response of piles, particularly the effect of p-y parameters at large depths.
For this reason, three different p-y spring regions, shown in Figure A.1, were considered in
the study. All the variables and conditions used in the sensitivity study are summarized in
Table A.2. The table also lists the figure where the results are presented.

In the following section, the sensitivity study results are summarized showing the influ-

ence of the variation in soil motion, p-y spring stiffness, and p-y spring ultimate resistance.
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Figure A.1: p-y spring parameter regions for sensitivity study

Table A.2: Sensitivity study variables

Sensitivity Study Variables [ Sensitivity Study Variable Values | related Figures

Soil stiffness and mass Gr = 91,000 kPa, p = 1.3 x 1.66 Figure A.2

Gr = 91,000 kPa, p = 1.5 x 1.66 Figure A.4

Gr = 130,000 kPa, p = 2.0 x 1.66 Figure A.3

Figure A.5

Depth of sensitivity zone 1 (surface to 3D) Figure A.8
of p-y spring zone 2 (greater than 3D)

zone 3 (full depth)

p-y parameter (yso) 80 % Figure A.10

100 % (base) Figure A.12

120 % Pigure A.11

Figure A.13

p-y parameter (pyg¢) 80 % Figure A.14

100 % (base) Figure A.16

120 % Figure A.15

Figure A.17
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The results of each parametric variation are presented in figures where the Fourier spectrum
corresponding to the soil response at 2.6 m depth is compared with the Fourier spectrum
corresponding to the superstructure response. The ratio of the two Fourier amplitudes is
the transfer function, from which the fundamental period of the soil-structure system can be
identified. The transfer functions shown in the figures have noisy spikes which correspond
to points where the soil frequency amplitudes are very small. The figures also show the
response spectra for the soil and superstructure, pile force distribution, and mobilized soil
resistance. The bending moment and shear force obtained at the time of maximum shear

force. The same information is presented for a single pile.

A.0.5 Effect of Soil Motion Variation on Structure Response

The use of the three soil properties (stiffness and mass) resulted in different soil motions
with different peak accelerations. The difference in soil motion is clearly reflected in the soil
Fourier spectra (especially at frequency = 2.0 Hz) and response spectra shown in Figures
A.2 and A.3. However, the superstructure accelerations were insensitive to the soil motion
change in both bent and single pile structures. This insensitivity of superstructure response
can be explained evaluating the transfer function in Figure A.2a. The transfer function
for frequencies greater than 1.5 Hz was less than one, which represents de-amplification.
Therefore any effect observed at higher frequencies (> 1.5 Hz) did not influence the super-
structure response significantly. This mechanism was more evident in a single pile as shown
in Figure A.3a. Since the fundamental frequency of the soil-structure system (about 0.5 Hz
in the transfer function shown in the figure) was far from the relevant soil frequencies, the
superstructure response was insensitive to the change of soil motion. Figures A.2d and A.3d
show that the maximum pile bending moment, shear force, and mobilized soil resistance

were insensitive to soil parameter variation.

A.0.6 Natural Period of Soil-Structure System

In the previous section, the natural period of the soil-foundation system was identified

using transfer functions. Figures A.2a and A.3a show that the OpenSees bent models
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captured well the natural period of the soil-structure system for the Northridge (amez =
0.25g) motion, while the natural period obtained from the single pile model was slightly
underestimated. This discrepancy in the single pile model was reflected in the maximum
bending moment difference between centrifuge results and OpenSees simulations as shown
in Figure A.3d.

In addition, the natural period of the bent and single pile structures were investigated
using a frequency sweeping motion, with larger peak acceleration (ay,q,; = 0.41g). Figure A .4
clearly shows that the OpenSees bent model clearly underestimated the transfer function
amplitude at 0.7 and 1.0 Hz, where the natural period is located. This leaded to smaller
superstructure inertial and pile forces than those measured in centrifuge test. On the other
hand, it is shown in Figure A.5 that, for this case, the transfer function in the single pile
model was well captured especially at the natural period (about 0.25 second or 4 Hz),
resulting in good estimation of maximum pile bending moments.

One interesting aspect was that the natural periods of the soil-structure system varied
depending on motion characteristics and intensity. For the Northridge motion, the natural
period of the bent and single pile were about 1.0 second and 2.5 second, respectively. How-
ever, when a frequency sweeping motion was used, the natural period became longer and
close to 1.2 second and 3.2 second (about 15 % and 30% increase), respectively. The change
in natural period was attributed to the system nonlinearity.

From these observations, it was found that the natural period of the soil-foundation
system plays an important role on SPSI in bridges. Therefore, the natural periods of the
bent and single pile structures were investigated in several ways. First, the natural periods
of the bent and single pile structures were estimated using basic equations as shown in
Figure A.6. In this calculations, the column was extended 3.0 m below the ground surface
to approximate the soil interaction effect. From the calculation, the natural periods of the
bent and single pile structures were about 0.8 and 1.6 second, respectively. These values
were shorter than the natural periods (about 1.0 and 2.5 second) estimated from the transfer
functions.

To investigate the natural period variation during shaking, eigenvalue analyses were

performed in OpenSees at every time step for Bent-90 subjected to shaking in the longi-
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tudinal direction. The bent model consisted of the structure and interface springs without
soil column. The eigenvalue analyses were performed for two different intensity motions
to investigate the nonlinear SPSI effect on the fundamental period. Figure A.7 shows the
eigenvalue analysis results. The initial natural period was about 2.0 second, but the natural
period was increased up to 2.3 second (15% increase) during moderate shaking. This was
attributed to the p-y spring stiffness change during shaking. For a stronger shaking, the
natural period was increased up to 2.7 second (35% increase). This is similar to the natural

period estimated from the transfer function.

A.0.7 Effect of p-y Parameter Change at Different Depths

The effect of p-y parameter variation at different depths was investigated. Values of ys
and py; in the three regions (zone 1, zone 2, and zone 3 in Figure A.1) were changed by
+ 20% with respect to the base p-y parameters while the p-y parameters at other depths
were kept the same as those for the base model. The results (superstructure response and
pile forces) due to p-y parameter change in zone 1 and zone 3 were similar indicating the
variation of p-y parameter in zone 2 did not affect the structure response. Figure A.8 shows

the superstructure accelerations were not affected by p-y parameter (e.g., py:) change at
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depths larger than 3D.

A.0.8 Effect of p-y Spring Stiffness (ys0)

To evaluate the influence of yso on the superstructure response, the value of ysy was
increased and decreased by 20% of the base model’s ys9. The results were clearly shown in
Figure A.9b and A.9b. The change of yso values did not affect the superstructure (peak)
acceleration for moderate and strong motions.

For moderate and strong shaking, the maximum bending moment and shear force were
slightly affected by the change of yso, especially at depths greater than 3D. Figures A.10d
and A.11d, and Figures A.12d and A.13d show that the soil resistance change due to ys
change occurred at larger depths (e.g., greater than 3D). This is because the p-y springs near
the surface reached ultimate soil resistance even with different p-y spring stiffness resulting
in similar mobilized soil resistance. The difference in soil resistance distribution at large
depth did not affect the structural response. The same pattern was observed in both bent

and single pile structures.
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A.0.9 Effect of p-y Spring Ultimate Resistance (pyt)

To evaluate the influence of p,;; on the superstructure response, the value of py; was
increased and decreased by 20% of the base model’s py;; value, while the other parameters
were kept constant and equal to those for the base model. Using a constant value of y50, the
change of p,;; value influenced not only the ultimate resistance but also the initial stiffness.
This is illustrated in Figure A.9b. Since y50 did not affect the superstructure responses
and pile force, in this parametric study, yso value was not adjusted when p,;; was changed.
The results for this study are shown in Figure A.14 and A.15 for the bent and single pile.
The results for strong shaking are shown in Figures A.16 and A.17. From the results, it
was concluded that, for moderate and strong shaking, the superstructure peak acceleration
was not affected by py;; change for this soil condition. However, pile force and mobilized
soil resistance distribution below the ground surface were clearly affected, especially the
maximum bending moment location (e.g. zero shear force depth). The maximum bending

moment depth became shallower with increasing p,;; values.

A.0.10 Ratio of Near-Surface Soil Resistance to Mazimum Inertial Force

From the py;; parameter sensitivity study it was observed that the ultimate soil resis-

tance, especially near the surface (from surface to 3D or 4D depth), affected the pile force
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Figure A.16: Effect of p-y spring ultimate soil resistance (pult) - bent; Sweeping motion
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Figure A.17: Effect of p-y spring ultimate soil resistance (pult) - single pile; Sweeping
motion (PGA = 0.50g)
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and soil resistance distribution. It was also observed that the depth of maximum bending
moment was related to the mobilized soil resistance near the ground surface. In order to
investigate the variation of mobilized soil resistance near the surface due to the p-y param-
eter change, the ratio of maximum inertial force to the p-y spring resultant force from the
surface to 3D was calculated at the time of maximum bending moment/shear force. The
ratio is defined as

R,, = maximum superstructure inertial force (A1)

depth
Zze:p() p(Z)

where p(z) is the soil pressure at depth z. The influence of yso and p,: variation on

R,s = Y32, p(z) is shown in Table A.3. The R,, value shows about 4 % change due
to the 20 % change in y5¢ change, and about 17 % change due to the 20 % of py;: change,
respectively. By changing the friction angle (2°) in the p-y parameter calculation, R,s shows
a 16 % increase and decrease. From these results, it is concluded that the mobilized soil
resistance near the ground surface at the maximum inertial force time is affected more by
Dyi¢ change than by yso change and that the pile force and soil pressure distribution (i.e.,

the maximum bending moment location) is more affected by p,;; change.

Table A.3: Ratio of Near-Surface Soil Resistance to Maximum Inertial Force, R,

Parameter change Y50 Dult ¢

80 % R, =114 | R, =0.86 | R.s = 0.92
100 % (base) Reg =110 | Ry = 1.10 | Ryy = 1.10
120 % R, =106 | R,s =129 | R., = 1.28
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