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Abstract

Floor Response Spectra in Hybrid Base-Rocking and Reinforced Concrete Wall Buildings

Leikune F Aragaw

Chair of the Supervisory Committee:
Assistant Professor Paolo M. Calvi

Civil and Environmental Engineering

Seismic events such as the Northridge (1994) and Nisqually (2001) earthquakes, amongst many
others, have caused significant damage and financial losses to both structural and non-structural
components of buildings. In response to this, significant research is being conducted with the aim
of achieving higher performance objectives, which include: (i) the reduction and even
elimination of structural damage during earthquakes, and (ii) the improvement of seismic risk

mitigation for non-structural elements.

To address point (i), several innovative technologies have been proposed that could limit
structural damage compared to traditional structural systems in which structural damage serves
as a means of energy dissipation. Among these, hybrid base-rocking walls effectively combine
unbonded post-tensioning and mild-steel reinforcement to eliminate damage and residual
displacements while providing good energy dissipation. In this study, the seismic response of
hybrid base-rocking walls is compared to the more “traditional” reinforced concrete (RC) walls,

through non-linear time-history analysis of 4, 8 and 12-story case-study buildings. Special



attention is given to the floor acceleration response of both structural systems as it pertains to the

performance of non-structural elements.

To address point (ii), this study proposes three simple methodologies for estimating acceleration
demands on non-structural elements in hybrid base-rocking and RC wall buildings, through a
floor response spectrum (FRS) method. In all three procedures, individual modal floor spectra
are first generated and then combined through a simplified modal combination approach to
generate floor spectra that account for the effects of multiple modes. In order to account for non-
linear structural response, the first procedure utilizes the concept of transitory inelastic modes of
vibration to generate inelastic modal floor spectra, while the second procedure utilizes empirical
modal reduction factors that are used to reduce elastic modal floor spectra based on the expected
ductility of the building. The third procedure focuses on how to estimate floor spectra in the
early design phases of a building, when the modal characteristics of a building are not known. To
this end, the procedure idealizes RC and hybrid base-rocking walls as continuous distributed-
mass systems to estimate their modal characteristics, which are in turn used to estimate floor
spectra. Each proposed procedure is then tested by comparison to floor spectra obtained from

non-linear time-history analysis of 4, 8 and 12-story case-study buildings.
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1 INTRODUCTION

1.1 Motivation

For many years, the seismic design of buildings has focused on life-safety with the main concern
being the prevention of loss of life during strong earthquakes. In the context of past design
philosophies, the damage caused to buildings during a seismic event (which can be both structural
and non-structural), though undesirable, has been treated as a secondary problem. Consequently,
past earthquakes have often caused significant damage and financial losses to both structural and
non-structural components. Such was the case, for example, of the 1994 Northridge earthquake
(Los Angeles) (Todd et al., 1994; Villaverde, 1997). A recent study conducted by Charleson
(2008) suggests that of the 66,000 buildings that were damaged during the earthquake, about 75%
of the buildings suffered damage to non-structural elements alone (Ferner et al., 2014; Welch,
2016). Even relatively moderate earthquakes, without causing much structural damage and loss of
life, have been responsible for substantial damage to non-structural elements. For instance, the
2001 Nisqually earthquake (Seattle-Olympia) is estimated to have caused two billion dollars’
worth of damages, which was mostly associated with non-structural damage (Filiatrault et al.,
2001). This is not surprising considering that non-structural components and building contents can
account for upwards of 80% of the total investment in a typical building (Taghavi and Miranda,

2003).

In response to this, current design philosophies are moving toward performance-based earthquake
engineering (PBEE) approaches. In this approach, seismic risk is not only quantified in terms of
life-safety but also in terms of financial losses, and more generally in terms of overall performance,
looking at both structural and non-structural components of buildings. To this end, there is
increasing research focusing on: (i) the reduction and even elimination of structural damage during

earthquakes, and (i1) improvement of seismic risk mitigation for non-structural elements.

To address point (1), several innovative technologies have been proposed that could limit and even

eliminate structural damage compared to traditional structural systems in which structural damage
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serves as a means of energy dissipation. There are many “traditional” lateral load resisting systems
that are currently in use. Amongst these, reinforced concrete (RC) structural walls have long been
used as lateral load resisting systems for their excellent energy dissipation capacity and their
overall performance observed in past earthquakes (Wood et al., 1987; Fintel, 1995; Mitchell et al.,
1995). RC walls are typically designed such that an inelastic fuse (i.e. plastic hinge) forms at the
base of the wall, so that the inelastic deformation is concentrated at one location, limiting the forces
experienced by the wall. This design approach, however, causes significant damage to the wall
(mostly in the plastic hinge region) and residual displacements in the structure, which can be
difficult and costly to repair. An emerging technology that improves upon such a system is the
hybrid base-rocking structural wall, which has good energy dissipation capabilities (albeit less

compared to RC walls) but does not tolerate damage.

Hybrid base-rocking walls are not monolithically cast with the foundation of a building and thus
do not form a plastic hinge at the base of the wall or experience structural damage. Instead, wall
panels are post-tensioned to the foundation such that controlled rocking occurs during lateral
loading. Energy dissipation, in the form of hysteretic dampers, is commonly provided through
unbonded mild steel reinforcement that crosses the wall/foundation interface. It is important to
note that friction (Kurama, 2001), viscous (Kurama, 2000) and other types of hysteretic dampers
(Nakaki et al., 1999, Perez et al., 2004) have also been considered in the literature (Wiebe, 2008).
Once lateral loading is removed, the post-tensioning force re-centers the wall eliminating any
residual displacements that would otherwise be present in a traditional RC wall. Despite these
benefits, higher floor accelerations have been observed in hybrid base-rocking walls relative to RC
walls (Rodriguez et al., 2002; Wiebe, 2008), which can be concerning for the performance of

acceleration-sensitive non-structural elements.

Regarding point (ii), there are ongoing studies looking into both the seismic behavior of non-
structural elements as well as into the quantification of seismic loads on non-structural elements
(Welch, 2016). In terms of seismic behavior, non-structural elements can be classified as either
drift-sensitive or acceleration-sensitive (Taghavi and Miranda, 2003; FEMA, 2012; Welch, 2016).
Drifts are typically dealt with by stiffening the supporting building, and proper detailing of non-
structural elements. Once the stiffness of the building is established, floor response spectra are

typically generated to estimate the acceleration demands on non-structural elements (Sullivan et



al., 2013). However, recent studies have shown that current codified methods for estimating
acceleration demands are inadequate, particularly because they do not account for elastic damping
of the supported non-structural element and higher mode response of the supporting building (Uma
et al., 2010; Sullivan et al., 2013; Pinkawa et al., 2014; Welch, 2016; among others). Therefore,
there is an increasing push towards developing improved procedures to estimate acceleration

demands on non-structural elements.

This thesis addresses both points discussed above. First, an analytical investigation of the seismic
response of hybrid base-rocking walls is conducted in relation to the response of RC walls. Special
attention is given to the floor acceleration response of both types of structural walls as it pertains
to the performance of non-structural elements. Second, several methodologies are proposed for the
estimation of acceleration demands on non-structural elements that are supported by either

structural wall systems.

1.2 Research Objectives and Outline of Thesis
The two main research objectives of this study are as follows:
1) To compare the seismic response of hybrid base-rocking and RC wall buildings, and

i1) To develop procedures for the estimation of floor response spectra in hybrid base-rocking
and RC wall buildings responding non-linearly that can be used for the design of

acceleration-sensitive non-structural elements.

Note that this study considers only light non-structural elements with a mass less than 1% of the

total building mass, and one point of attachment to the supporting building.

The research objectives outlined above are addressed in the following chapters, which are outlined

as follows:

Chapter 2 introduces both RC and hybrid base-rocking structural wall systems and their expected

seismic behavior.

Chapter 3 presents a review of existing procedures to estimate acceleration demands on non-
structural elements. The first section addresses the inherent assumptions for using floor response

spectra to estimate acceleration demands on non-structural elements. The second section discusses



recent research efforts that have developed floor spectra estimation procedures for single (SDOF)
and multi-degree-of-freedom (MDOF) systems responding both linearly and non-linearly. Most
notably, the work of Sullivan et al. (2013), Calvi and Sullivan (2014), and Welch (2016) are
discussed in detail. The last section discusses how several prominent code provisions determine
acceleration demands on non-structural elements, and the limitations associated with each

provision.

Chapter 4 discusses the design and time-history analysis of the case study RC and hybrid base-
rocking wall buildings considered in this study. The layout of the case-study buildings and the
seismic design loads (ASCE, 2010) are first introduced. Then, a detailed explanation of the
displacement-based design of the buildings is provided. Lastly, a detailed explanation of the

dynamic time-history analysis of the case-study buildings is provided.

Chapter 5 presents the results of the time history analysis of the case study buildings conducted
according to Chapter 4. Using the results, the first section addresses the effectiveness of a
displacement-based design approach in estimating seismic response. The second section presents
an in depth comparison between the seismic response of RC and hybrid base-rocking wall
buildings. Lastly, the third section details the observations made from floor response spectra atop
the case-study buildings, with a focus on identifying parameters that have a significant influence
of floor spectra. In addition, the dynamic interaction between non-structural elements and

supporting buildings is discussed.

Chapter 6 details a two-part study into the maximum dynamic amplification of peak floor
acceleration that is expected when a non-structural element and its supporting structure are in
resonance. The first section investigates the performance of existing formulations for estimating
the maximum dynamic amplification through time-history analysis of elastic SDOF systems,
specifically focusing on the works of Sullivan et al. (2013) and Welch (2016). The second section
investigates the effects of inelastic structural response on maximum dynamic amplification

through time-history analysis of inelastic SDOF RC and hybrid base-rocking wall systems.

Chapter 7 employs the observations made in Chapter 5 and 6, and presents the development of
three methodologies to estimate floor response spectra atop RC and hybrid base-rocking wall
buildings responding non-linearly. The proposed procedures were based on the work of Calvi and

Sullivan (2014) who proposed a simple procedure to estimate of floor response spectra in MDOF
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buildings responding elastically. In this procedure, individual modal floor spectra are first
generated and then combined through a simplified modal combination approach. The first two
procedures proposed in the present study utilize the methodology proposed by Calvi and Sullivan
(2014) and focus mostly on how to account for the influence of non-linear structural response on
floor response spectra. To this end, the first procedure utilizes the concept of transitory inelastic
modes of vibration (Sullivan et al., 2006) to estimate floor acceleration demands during non-linear
response. The second procedure utilizes empirical modal reduction factors (Welch, 2016) that can
be used to reduce elastic floor acceleration demands based on the ductility expected in the system.
The last procedure focuses on how to estimate acceleration demands on non-structural elements in
the early design phases of a building, when the modal characteristics of the building are not known.
To this end, the procedure idealizes RC and hybrid base-rocking walls as continuous distributed-
mass systems to estimate their modal characteristics, which are in turn used to estimate floor

acceleration demands.

Finally, Chapter 8 presents a summary of the findings from the study. The limitations of the study

and areas of future research are also identified.



2 STRUCTURAL WALL SYSTEMS

2.1 Reinforced Concrete (RC) Wall Systems

Cantilever Reinforced Concrete (RC) structural walls (“RC walls) are commonly used to resist
lateral loads in buildings. RC walls are economical and easy to construct and serve both
architectural (i.e. they are necessary to host elevator shafts and staircases) and structural purposes
(resisting vertical and lateral loads). To this end, their effectiveness at resisting lateral loads has
been extensively demonstrated and buildings with RC walls have performed well in past
earthquakes with structural collapse being rare (Wood et al., 1987; Fintel, 1995; Mitchell et al.,
1995).

RC walls are cast monolithically with the foundations of the building, and commonly designed
such that an inelastic mechanism (i.e. a plastic hinge) forms at the base of the wall. For these
systems, the plastic hinge, and specifically the yielding of the flexural reinforcement, represents
the principal source of energy dissipation. Additional energy is dissipated through cracking and
crushing of concrete. To this end, it should be noted that in order to dissipate a large amount of
energy (which is beneficial because it reduces the overall seismic demand on the system), it is
necessary that the walls experience significant and permanent damage within the plastic hinge

region.

RC walls are normally designed ensuring that undesirable failure modes, such as those due to
diagonal tension or diagonal compression caused by shear, are prevented. Walls that are properly
designed and detailed for flexural ductility are capable of high performance. The force-
displacement response of ductile RC walls can be idealized as shown in Figure 2.1. It can be
observed that once yielding occurs, cyclic loading causes significant stiffness degradation in the
system as a result of increasing inelastic deformation (i.e. damage) in the plastic hinge region.
Since the damage caused to the plastic hinge region is permanent, the wall can be permanently
displaced even if lateral loading is removed, resulting in residual displacements. It should be noted,

however, that once maximum displacement has been reached, the residual displacement could be
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reduced by subsequent loading and unloading cycles depending on the characteristics of the ground
motion (Christopoulos et al., 2003). Figure 2.2, for example, shows how subsequent loading and
unloading cycles that do not yield the system in either direction could reduce residual
displacements, from Imax to rfina (Christopoulos et al., 2003). In addition, the self-weight of the
wall can help to re-center the wall, slightly reducing residual displacements. For a more detailed
look into the seismic behavior, analysis and design of RC wall systems, refer to Paulay and

Priestley (1992).
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2.2 Hybrid Base-Rocking Wall Systems

As discussed in the previous sub-section, RC walls (or monolithic systems in general) provide
excellent energy dissipation during seismic events. However, this is accompanied by significant
damage and permanent deformation that requires extensive repair to the structural system. In order
to overcome this limitation, hybrid base-rocking walls (“rocking walls”) have recently been
developed. One of the first notable research efforts that focused on such systems is the Precast
Seismic Structural Systems (PRESSS) Research Program (Priestley, 1991). In this research
program, a 60 percent scale five-story precast concrete building incorporating a rocking jointed-
structural wall system, developed and designed by Galusha (1999), was tested under simulated
seismic loading (Priestley et al., 1999). The results from the tests indicated that rocking walls had
the potential for significantly reducing and even eliminating residual displacements and structural
damage. Since this project, numerous analytical and experimental studies have been conducted to
further develop and implement rocking walls (Rahman and Restrepo, 2000; Kurama, 2002; Holden
et al., 2003; Perez et al., 2004; Marriott et al., 2008; Wiebe, 2008; Belleri et al., 2014; Sritharan
et al., 2015; Gavridou, 2015; Khanmohammadi and Heydari, 2015; among others). However,
relative to RC wall systems, the evidence backing the expected seismic performance of rocking

wall systems is somewhat limited.

Nevertheless, several buildings have been constructed that incorporate rocking walls. The Cala
building in the Dominican Republic is the first building in the literature that incorporated coupled
rocking walls (Stanton et al., 2003). Two other buildings incorporating coupled rocking walls have
also been built in New Zealand, namely the Alan MacDiarmid Building in Wellington (Cattanach
and Pampanin, 2008), and the Southern Cross Hospital Endoscopy Building in Christchurch
(Pampanin et al., 2011).

The rocking walls considered in the present study consist of a precast concrete panel that is
reinforced with unbonded post-tensioning tendons as well as mild steel energy dissipaters crossing
the wall-to-foundation interface (Figure 2.3). The post tensioning tendons are unbonded for the
entire height of the wall, and anchored both at the top of the wall and at the foundation. The mild
steel energy dissipaters are also unbonded for a specified length at the base of the wall. It is

important to note that this type of dissipaters have some disadvantages, namely the potential for



buckling in compression and necking in tension since the dissipaters are axially loaded over an

unbonded length.
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Figure 2.3 Sample schematic drawing of rocking wall (adapted from Palermo et al. (2005))
The hysteretic response of rocking walls can be idealized by the flag-shaped hysteresis shown in
Figure 2.4, which was adapted from Wiebe and Christopoulos (2009). The simplified push-pull
behavior presented in the figure assumes a rigid foundation, and perfectly elasto-plastic energy
dissipaters crossing the wall-to-foundation joint. For clarity, the hysteresis is idealized with sharp
stiffness changes, but, as experimental data shows (Figure 2.5), changes in stiffness are expected

to occur more gradually (Wiebe and Christopoulos, 2009).
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and Restrepo (2000))

At rest (step a), the wall in Figure 2.4 is in axial equilibrium with the base reaction counteracting
the total axial load in the wall, which consists of post-tensioning force, self-weight and any
additional gravity load. Upon initial loading, the wall resists lateral loads similar to an RC wall
until the clamping force (total axial load) is overcome and rocking begins (step b) (Wiebe and
Christopoulos, 2009). Rocking occurs because the wall is not monolithically connected to the

foundation and all the reinforcement passing the wall/foundation interface is unbonded.

When rocking begins, the initial stiffness of the wall Kinitia reduces to an elastic post-rocking
stiffness Krock due to the opening of a gap at the rocking joint (step c). At this point, the post-
tensioning tendons begin to elongate and the mild steel energy dissipaters begin resisting lateral

forces elastically.

Once the dissipaters reach their yield capacity, the elastic post-rocking stiffness Krock reduces to a
post-yield stiffness Kyield (step d). At this stage, the post-tensioning tendons continue to elongate

but remain elastic.

Upon load reversal, the energy dissipaters begin resisting lateral loads in compression. Since the
dissipaters have been permanently deformed due to yielding in tension, they need to yield in

compression in order for the joint cap to close (step e) (Wiebe and Christopoulos, 2009). Thus,
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unloading occurs with the elastic post-rocking stiffness Krock until yielding occurs in compression.
Once the dissipaters yield in compression, the stiffness reduces to the post-yield stiffness Kyieid until

the joint gap closes (Wiebe and Christopoulos, 2009).

Since the energy dissipaters have yielded in compression, they exert an upward force upon the
wall that reduces the load at which rocking begins. However, during loading in the opposite
direction, the upward force must be overcome to yield the dissipaters in tension. Thus, the overall
yield force of the system remains unchanged, which creates a symmetrical hysteretic behavior for
loading in the opposite direction. Once applied load is removed, the wall returns back to the
original position, resulting in zero residual displacements (step f) (Wiebe and Christopoulos,

2009).

The energy dissipated by the hysteretic response described above is quantified by an energy
dissipation coefficient beta £ (Figure 2.4f). A f of zero corresponds to the absence of energy
dissipation (i.e. mild steel reinforcement), and a S of one corresponds to the maximum amount of

energy dissipation while still ensuring re-centering.

The re-centering capabilities described above, which significantly reduce residual displacements,
represent the main benefit of using rocking walls over RC walls. A more detailed list of benefits
associated with rocking walls is presented in Table 2.1. Despite these benefits, rocking walls have
been shown to attract higher floor accelerations relative to RC walls (Rodriguez et al., 2002;
Wiebe, 2008), which is attributed to sharp changes in stiffness during rocking (Wiebe and
Christopoulos, 2010). This can be concerning for the performance of acceleration-sensitive non-
structural elements. The present study addresses this concern by comparing the floor acceleration
response of RC and rocking wall systems through a dynamic non-linear time-history analysis of

case study buildings.

In addition, as Qureshi and Warnitchai (2016) note, both horizontal and vertical acceleration spikes
have been observed in the seismic response of rocking walls during dynamic experimental tests
(Toranzo, 2002; Marriott et al., 2008; Schoettler et al., 2009; Belleri et al., 2014). These
acceleration spikes are attributed to the high-velocity impact between a rocking wall and its
foundation during rocking (Qureshi and Warnitchai, 2016). As reasonable to expect, this might
negatively affect the performance of non-structural elements. However, this issue is not addressed

in the present study and remains an area of future study.



Table 2.1 Comparison between RC and rocking wall systems (adapted from Holden et al., 2003)

System property

RC Walls

Rocking Walls

Energy dissipation
capacity

Excellent

Good

Special reinforcing
detailing

In potential plastic hinge zones.
Congested cages to confine the
concrete, prevent longitudinal
reinforcing from buckling, and to
prevent shear failure.

Only required at wall ends and
foundation beam where rocking
takes place.

Dimensional limitations

To prevent plastic hinge instability

Minimum—based on elastic
theory as wall panels remain
essentially crack-free

Minimum
reinforcement
requirements

Can significantly increase the
moment capacity at the critical
region. This could result in larger
foundations as a result of capacity
design

Temperature and shrinkage can
be substituted with fiber
reinforced concrete

Expected
postearthquake repair
work

In plastic hinge zones repair work can
vary from epoxy injection of 1 mm
wide cracks or less, to concrete
replacement. Longitudinal bars could
buckle and fracture requiring
demolition.

Permanent deformations.

None expected. Self-centering,
permanent deflections are not
expected.

Initial cost

Competitive—widely used systems

Competitive? Requires cost
analysis.

Life-cycle cost

Competitive relative to other
conventional systems. May require
postearthquake repair, or following a
severe earthquake demolition and
rebuilding may be necessary.

Expected to be very competitive.
No postearthquake repairs
needed.




3 SEISMIC DEMANDS ON NON-STRUCTURAL ELEMENTS

Non-structural elements (NSEs) are components of buildings that are not part of the main structural

system. These elements can be broadly categorized into three groups according to FEMA (2012):

e Architectural elements: partitions, ceilings, storefronts, glazing, cladding, veneers,

chimney, fences, architectural ornamentation, etc.

e Mechanical, electrical and plumbing (MEP) elements: pumps, chillers, fans, air handling

units, motor control centers, distribution panels, transformers, etc.

¢ Building contents: shelving and bookcases, industrial storage racks, retail merchandise,

books, medical records, computers and desktop equipment, etc.

However, in terms of seismic design, NSEs can be separated into two main groups: drift-sensitive
and acceleration-sensitive elements (Taghavi and Miranda, 2003; FEMA, 2012; Welch, 2016).
Drifts are typically dealt with by stiffening the supporting building, and proper detailing of non-
structural elements. However, structures tend to attract higher accelerations when stiffened, which

can be limited somewhat by inelastic structural response (Sullivan et al., 2013).

In general, acceleration-sensitive NSEs have proven to be more vulnerable over the course of past
earthquakes (Miranda and Taghavi, 2005). In addition, numerous researches have questioned the
reliability of current code provisions for this class of NSEs (Uma et al., 2010; Sullivan et al., 2013;
Pinkawa et al., 2014; Welch, 2016; among others). For these reasons, the present study focuses on
acceleration-sensitive NSEs, and more specifically, how to estimate acceleration demands for this

type of NSEs.

3.1 Floor Response Spectra for the Seismic Design of Non-structural Elements

In the last half century, much effort has been devoted to developing rational methods for
conducting seismic analysis of NSEs. In the vast majority of practical design situations, decoupled

analyses are conducted using a “cascading” approach. In this approach, it is assumed that NSEs
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have minimal dynamic interaction with the supporting structure. In other words, the NSEs and the
supporting structure are treated as uncoupled systems. In past research efforts, this assumption has
been considered acceptable for NSEs with mass less than 1% of the total mass of the supporting
structure (Singh and Ang, 1974; Sankaranarayanan, 2007; Taghavi and Miranda, 2008; Pinkawa
et al., 2014; Welch, 2016). However, some have suggested that interaction occurs closer to 0.1%
of total mass of the supporting structure (Toro et al., 1989). In the context of cascading approaches,
one of the most popular methods is the Floor Response Spectrum (FRS) method (Figure 3.1). The
structural response at the attachment level is considered as the input motion for the estimation of
the response of the nonstructural component and used to construct the response spectra pertaining

to the floor under consideration.

Roof W
Accelerogram
Nonstructural ) 1
Component ? Roof
Response ‘ ————————
Spectrum g

% - \ =
Main Main \ Nonstructural
Structure Structure ‘\ Component
— Alone | \\ Alone
—— \
\\
SaRanf
Response
Spectrum

R i a——

Ground Ground
Accelerogram Accelerogram
Ground Ground
Response Response
Spectrum Spectrum

Figure 3.1 Illustration of floor response spectrum (FRS) method (Filiatrault and Sullivan, 2014)
An inherent assumption of the FRS method is that NSEs have a single point of attachment to the
supporting building. As Welch (2016) and Villaverde (1997) noted, FRS methods are not suitable
for NSEs with multiple points of attachment. For instance, each support or attachment can be
subject to a different and out-of-phase motion, which cannot realistically be accounted for with an

FRS method (Villaverde, 1997).

3.2 Novel Methods for Estimating Floor Response Spectra

One of the main objectives of the present study is to propose floor response spectra estimation

procedures for RC and rocking wall buildings responding non-linearly. The proposed procedures
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are based mainly on the work of Sullivan et al. (2013), Calvi and Sullivan (2014), and Welch
(2016). Sullivan et al. (2013) proposed a new and simple methodology for estimating floor
response spectra atop linear and non-linear single-degree-of-freedom (SDOF) structures. Then,
Calvi and Sullivan (2014) extended this work to linear multi-degree-of-freedom (MDOF)
structures. Most recently, Welch (2016) adapted the methodology of Calvi and Sullivan (2014) to
MDOF systems responding in the non-linear range. A summary of each of these studies is

presented below.

Note that numerous other procedures, not discussed here for brevity, have been proposed for the
estimation of floor spectra. For a broader look into the current state-of-the-art in the estimation of

floor spectra, refer to Welch (2016) who has an excellent literature review on the topic.

3.2.1 Sullivan et al. (2013) for Single-Degree-of-Freedom Systems

Sullivan et al. (2013) proposed a new methodology for generating floor spectra atop SDOF
systems that is based on a dynamic amplification of peak floor acceleration (PFA). For a SDOF
structure that has been designed for a given lateral load, the PFA can be determined by dividing

the design base shear by the total mass of the structure.

To obtain the floor response spectrum, the PFA is then scaled by empirical dynamic amplification
factors, which are dependent on the elastic damping of the supported element. The following

empirical equations summarize the procedure:

(T
! T_ [amax(DAFmax - 1)] + Amax fOT T < Tp
T) = p
am(T) AmaxDAF 05 forT,<T<T, (3.1)
LamaxDAF fOT T > Te

where T is the spectral period of interest (i.e. the period of the non-structural element), and am(T)
is the spectral floor acceleration value at period T (i.e. the acceleration of the non-structural
element). The term amax is the PFA, and Tp is the elastic period of the primary/supporting structure.
The term Te is the effective period of the supporting structure, which is computed using a secant
stiffness at design displacement. The term DAF is the dynamic amplification factor given by

Equation (3.2) and DAFmax is the maximum dynamic amplification factor given by Equation (3.3),
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which is expected to occur when the non-structural element is in resonance with the supporting

structure.

j(l ] Tle)z e (3.2)

1 (3.3)

Véns

where s is the elastic damping of the non-structural/supported element. Note that Te is equal to

DAFpax =

Tp if the supporting structure is responding linearly.

Both amplification factors (which are based on principles of structural dynamics) were empirically
derived and successfully validated with the results of non-linear time history analyses of SDOF

systems subject to a large suite of ground motions.

Figure 3.2 presents an illustration of the procedure proposed by Sullivan et al. (2013). Notably,
maximum dynamic amplification extends from the elastic period to the effective period of the
supporting structure. This was proposed by Sullivan et al. (2013) to take into account non-linear
structural response. When a supporting structure goes through inelastic deformation, it no longer
has a unique natural period of vibration. Thus, peak spectral response (i.e. resonance) occurs over

a range of periods bounded by the elastic and effective periods of the supporting structure.
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Figure 3.2 Procedure for estimating floor spectra atop SDOF systems by Sullivan et al. (2013)
(Welch, 2016)

3.2.2 Calvi and Sullivan (2014) for Linear Multiple-Degree-of-Freedom Systems

The work of Calvi and Sullivan (2014) extended the methodology developed for SDOF systems
by Sullivan et al. (2013) to MDOF systems responding in the elastic range. This was achieved by
adapting the approach summarized in the previous sub-section for use with a traditional modal
analysis of the supporting structure (Chopra, 2001). In this context, each of the modes is treated as
an equivalent SDOF system that can be dealt with as discussed above. Thus, floor response spectra
can be constructed for each mode at all floors of a structure. The effects of the individual modal
floor spectra are then combined using modal superposition to generate a floor response spectrum

that accounts for the effects of multiple modes.

The first step that this methodology involves is the performance of an Eigen-value analysis and
the consequent calculation of periods of vibration and mode shapes (Figure 3.3a). Once the periods
and mode shapes are known, a traditional modal response spectrum method is employed to
determine the PFA contributions from each mode (Figure 3.3b&c) (Chopra, 2001).

Mathematically, the contributions are determined by:

_ bji (3.4)
Amax,ji = m me,iSa,i

where amaxj,i is the floor acceleration at degree-of-freedom (i.e. floor level) j from mode i, ¢;;i is

the mode shape for level j and mode i, m;jis the seismic mass at level j, and me,iis the effective
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modal mass for mode i. The term Saiis the spectral acceleration value for mode i obtained from

the design ground response spectrum.

Spectral Acceleration (g)

Period T (s)

a) Eigen-value analysis of elastic structure  b) Spectral analysis to obtain acceleration
to give mode shapes and periods of individual modal components

Mode_1 Mode 2 Roof Level

H 1 single mode spectra
ACC 501 ’ ’ 3CC0012

Roof level response spectrum
\\ Mode 1 and Mode 2 SRSS Combination

Period T, (s) A

Mode 1
Acceleration (g}

a

3

Acceleration {g)

7 - 0 T2y Ty
Period T, (s)

Mode 2
Acceleration (g)

-(‘ Ty 1 2 3
Period T, {s)

c) Distribution of individual modal components  d) Construction and SRSS combination of
of the acceleration along the height individual modal response spectra

Figure 3.3 lllustration of floor spectra construction procedure for upper stories of elastic MDOF
systems (Calvi and Sullivan, 2014)

Once the modal PFA contributions are determined, floor spectra can be obtained for each of the
modes by using the procedure for SDOF systems outlined by Sullivan et al. (2013) (Section 3.2.1).
At this time, the floor response spectra for upper levels are obtained by combining each of the
modal floor spectra using an established modal combination rule such as square-root-of-sum-of-

squares (SRSS) (Figure 3.3d).

For the lower levels, floor spectra are obtained as a curve that envelopes the floor spectra obtained
using the modal combination method discussed above and the design ground response spectrum.
This was proposed as a means to capture the limited higher mode filtering of the ground motion

(rigid mode response) that is expected in the lower levels.

Calvi and Sullivan (2014) also proposed an adjustment to the maximum dynamic amplification

factor (DAFmax) formulation. It was pointed out that stiff structures tend to provide little filtering
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of ground motions, which was also observed by Menon and Magenes (2008) amongst others. Thus,
the DAFmax formulation proposed by Sullivan et al. (2013) would overestimate the dynamic
amplification of peak floor accelerations in stiff structures. To account for this phenomenon,
Equation (3.5) was proposed in which the DAFax is reduced for supporting structures with natural

periods below T = 0.3 sec.

1 .
(@W%%QJEE ifO<T, <Ts

1

Véns

where Ti is the elastic period of the primary structure for mode i.

DAF, . = 4 (3.5)

if T, =Ty

3.2.3 Welch (2016) for Non-Linear Multiple-Degree-of-Freedom Systems

By building upon the works of Sullivan et al. (2013) and Calvi and Sullivan (2014), Welch (2016)
developed a procedure to estimate floor spectra in non-linear MDOF buildings. For a supporting
building responding non-linearly, floor spectra are generated by reducing elastic modal floor
response spectra with empirical modal reduction factors that are dependent on the ductility of the
supporting structure. Then, the reduced modal floor response spectra are combined using an
established modal combination rule to obtain floor response spectra that account for the effects of

multiple modes.

Since the procedure is empirical, Welch (2016) focused on two structural systems: steel moment
resisting frames (MRF) and RC cantilever walls, of which only the latter is discussed here. In
addition, two separate procedures were proposed by Welch (2016): a simplified procedure and an

explicit procedure. The latter was not adopted in this study and, thus, not discussed here.

To develop the simplified procedure, Welch (2016) ran time history analyses of case-study
structures responding both linearly and non-linearly under a large suite of ground motion records.
Empirical modal reduction factors were then obtained on a record-by-record basis. A modal
reduction factor is the ratio of spectral floor acceleration (SFA) from linear response to that of the

corresponding non-linear response (Equation (3.6)).
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SFA(T)),, (3.6)
Ri,Single Record — W
i/NL

where SFA(Ti) is the spectral floor acceleration at the period of mode i. The subscripts L and NL

represent the linear and non-linear response cases, respectively.

Once the reduction factors for each acceleration record were obtained, a non-linear regression was

performed in the form of Equation (3.7).
Ri = ‘ual' (37)

where R is the reduction factor for mode i, x is the estimated ductility demand of the supporting

structural system, and ai is the exponent governing the rate of reduction in mode i.

Figure 3.4 presents a visual representation of how the regression analysis was conducted.
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Figure 3.4 Illustration of modal reduction factors for individual accelerograms (left) and example
of regression model used (right) (Welch, 2016)

The regression was conducted using only roof level floor spectra, and independent of non-
structural damping ratio. Thus, the reduction factors for each of the non-structural damping ratios
considered (Ens = 0.5%, 2%, 5% and 10%) were collectively used for the regression. The analysis
was conducted within a ductility range of 1.0 to 5.0, and any data point outside of this range was

omitted.

The raw data was also adjusted during the regression analysis to allow for better tracking of how

increasing ductility demands affect acceleration peaks. Accordingly, the reduction factor for each
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accelerogram was normalized by the reduction factor at an intensity level resulting in a ductility
close to 1.0 (in the range of 0.9 to 1.1). This means that for all accelerograms, a ductility of 1.0
corresponds to a reduction factor of 1.0. Table 3.1 presents the modal reduction factors obtained
from the regression analysis.

Table 3.1 Generalized values of modal reduction factors from record-by-record regression for RC
walls conducted by Welch (2016)

Mode 1 | Mode 2 | Mode 3
Structural System

o1 a2 o3

RC Walls 1.25 0.4 0.2

Modal reduction factor taken as Ri = y*

To account for period elongation, Welch (2016) proposed Equations (3.8) and (3.9) to define the
effective periods of modes 1 and 2 respectively. Mode 3 was assumed to have negligible period

elongation.

p (3.8)
fe=h M-

where T1eis the effective first mode period, T1is the elastic first mode period, and r is the global

strain hardening factor.

T, for u <1.0
U
Tye=+T> <1 + 0.5 (:upin>> for 1.0 < u < ppin (3.9)
1.5T, for U 2 Upin

where T2e is the effective second mode period, and T is the elastic second mode period. The term
Lpin 18 the ductility limit corresponding to the pinned behavior of higher modes. Hence, when

ductility reaches this limit, the RC wall is considered fully-pinned.

Welch (2016) also updated the dynamic amplification factor formulation. It was observed that

damping of the supporting structure had an impact on dynamic amplification factor, albeit to a
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smaller extent compared to non-structural damping. The revised formulations for DAFmax and

DAF are given by Equations (3.10) and (3.11).

o (0.55 +0.45 TLB) (0.58, + Eys) ~0667  if T, < Ty G.10)
(0.5&, + &ns) ~00%7 ifT; = Tg
( T T 2 -0.667
| (0.55 +0.45 ﬁ) [(1 - ﬁ) +(0.5¢, + st)] if Ty <Tp
DAF = { 2 ~0.667 (.11)
L <1 — ﬂ) + (0.5¢, + fNS)] if T, = Ty

where T is the spectral period of interest, Tj is the elastic period of the supporting structure for
mode i, Tie is the effective period of the supporting structure for mode i, & is the elastic damping
of the primary structure, and &ns is the elastic damping of the non-structural element. The term Tg

1s taken as 0.3 sec.

Based on the findings summarized above, Welch proposed the following simplified procedure to

estimate floor response spectra.

Step 1: Define the primary (&) and non-structural (&ns) damping ratios
Welch (2016) proposed a primary damping ratio of 5% for RC walls. Even though the
procedure can be applied to any non-structural damping ratio, a value of 2% was proposed

if the damping of a non-structural element is not known.

Step 2: Define the input acceleration spectrum, Sa(T,&p)
The input acceleration spectrum is the design ground response spectrum. It can also be
taken as the median or mean spectrum of a target record set. At this point, Tg is also
estimated as the initiation of the constant acceleration range of the input spectrum. Note

that the input acceleration spectrum is defined at the primary damping ratio &p.

Step 3: Perform modal analysis for the number of modes considered

18



Step 4:

Step 5:

Step 6:

For a given mode i, the following parameters need to be obtained: the fundamental period
(Ti), mode shape (¢i), and modal participation factor (/7). Welch (2016) found that

considering the first three modes was sufficient to generate reliable floor spectra estimates.

Ductility demand, modal reduction factors and effective periods
The ductility demand (1) needs to be estimated at the intensity of interest. The modal

reduction factors can then be obtained based on Table 3.1.

The effective periods for modes 1 and 2 can be obtained using Equations (3.8) and (3.9),
respectively. For modes 3 and higher, the effective period can be considered equal to the

elastic period.

Estimate modal floor accelerations, modal contributions and SRSS estimates

The modal floor acceleration amax,j,i for a given mode i at a floor level j is given by:

5u(T0 &) (3.12)
Amax,j,i = Pjili (aR—lp> R, =1
L

where the elastic spectral acceleration demand Sa(Ti,&p) is reduced by the modal reduction

factor Rj to account for non-linear demands.

The individual modal contributions am,j,i(T) to the floor response spectrum are given by:

((Ty (3.13)
J (F) [amax,j.i(DAFmax - 1)] + Amax,j,i for T < Ti
A, i:(T) = 2
m,J,l( ) amax,j,iDAFmax for Ti <T< Ti,e
L Amax DAF forT >T;,

where T is the spectral period of interest. DAFmax and DAF are estimated using Equations

(3.10) and (3.11).

The SRSS spectral floor response at a given period T is estimated as:

(3.14)

nm

SFA] (T)SRSS = Z[am,j,i(T)]z

i=1
where nm is the number of modes being considered.

Account for rigid mode response
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The final spectral floor acceleration SFAj(T) is given by Equation (3.15) which takes into

account rigid mode response observed in the lower levels of RC wall buildings.

H; 3.15
max (SFA,(Msss,Sa(T, €x5))  for 7 < 05 e
SFA;(T)sgss forH—’ > 0.5

n

where Hj is the height of floor level j, and Hy is the height of the roof level. The term
Sa(T,Ens) is the spectral acceleration demand at period T obtained from the input
acceleration spectrum at a damping level of ¢ns. If the input acceleration spectrum is
obtained for a typical damping ratio of 5%, then the spectrum can be adjusted by a damping

modification factor given by:

0.5 .
1= (G5 5) -

3.3 Current Code Provisions

This section provides a brief summary of exemplary code provisions regarding non-structural
elements (NSEs). Specifically, the United States, Europe and New Zealand code provisions are
discussed. Particular attention is given to how each provision determines acceleration demands for

NSEs.

3.3.1 United States (ASCE 7-10)

In the United States, the seismic design provisions for non-structural elements/components are set

forth in ASCE 7-10 (ASCE, 2010). The horizontal seismic design force for a component is

determined by:
0.4Spsa,W, z (3.17)
I

where 0.4Sps is the design peak ground acceleration (PGA), W, is the weight of the component, z
is the height of component attachment, and h is the average roof height of the supporting structure.

The term ap is the component amplification factor, which varies from 1.00 to 2.50. The term I, is
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the component importance factor, which varies from 1.00 to 1.50. The term Rp is the component

response modification factor, which varies from 1.00 to 12.00.
The horizontal seismic design force shall not be taken less than the following limit:

E, = 0.3SpsL, W, (3.18)

In addition, the horizontal seismic design force need not be taken greater than the following limit:

E, = 1.6SpsL, W, (3.19)

NSE:s are also designed for a concurrent vertical seismic design force given by:

E, = +0.25ysW, (3.20)

The component amplification (ap) and response reduction (Rp) factors are outlined in tables (not
reproduced here for brevity) for specific NSEs. For instance, for laboratory equipment, ap= 1.00
and Rp= 2.50, while for signs and billboards, ap = 2.50 and Rp= 3.00. Using a lower value of ap,
other than the ones provided in the tables, is not permitted unless justified by a detailed dynamic

analysis. Even so, ap is not permitted to be taken less than 1.0.

In addition, ASCE 7-10 makes a distinction between rigid or rigidly attached, and flexible or
flexibly attached components. A rigid component is defined as a NSE with fundamental period of
0.06 sec or less, while a flexible components is defined as a NSE with fundamental periods higher

than 0.06 sec. For rigid component, ap is 1.0 and for flexible components, ap is 2.5.

Lastly, the component importance factor (lp) is one of two values and assigned based on the criteria

in Table 3.2.
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Table 3.2 Non-structural element/component importance factors for ASCE 7-10 (ASCE, 2010)

o Importance
Conditions
Factor, I,

o The component is required to function for life-safety purposes after an
earthquake, including fire protection sprinkler systems and egress
stairways.

e The component conveys, supports, or otherwise contains toxic, highly
toxic, or explosive substances where the quantity of the material exceeds a
threshold quantity established by the authority having jurisdiction and is
sufficient to pose a threat to the public if released. 1.5

e The component is in or attached to a Risk Category IV (essential facilities;
refer to ASCE (2010)) structure and it is needed for continued operation of
the facility or its failure could impair the continued operation of the facility.

o The component conveys, supports, or otherwise contains hazardous
substances and is attached to a structure or portion thereof classified by the
authority having jurisdiction as a hazardous occupancy.

e All other conditions 1.0

3.3.2 Europe (Eurocode 8)

In Europe, the main seismic design provisions for NSEs are set forth in Eurocode 8 (CEN, 2004).

The horizontal seismic force on a NSE is given by:

_ SaWaYa (3.21)
da

where Wi is the weight of the element, Y, is the importance factor of the element, (a is the behavior

Fq

factor of the element, and S, is the seismic coefficient applicable to NSEs, which is given by:

z (3.22)
S =a$ 3(1—-|_1;{)2—0.5 > aS
1+(1- T—‘ll)

where a is the design PGA on Soil Type A (rock) in terms of acceleration of gravity (g), S is the
site soil factor, Ta is the fundamental period of the NSE, Ti is the fundamental period of the
supporting building, z is the height from the base of the supporting building to the NSE attachment,
and H is the height of the supporting building.

22



The importance factor of the element (7a) is one of two values and assigned based on the criteria

in Table 3.3. The behavior factor of the element (ga) is assigned based on the criteria in Table 3.4

Table 3.3 Non-structural element importance factors for Eurocode 8 (CEN, 2004)

Type of Non-structural Element Importance Factor, Y

o Anchorage elements of machinery and equipment required for
life safety systems. >15

e Tanks and vessels containing toxic or explosive substances
considered to be hazardous to the safety of the general public

e All others. 1.0

Table 3.4 Non-structural element behavior factors for Eurocode 8 (CEN, 2004)

Type of Non-structural Element Behavior Factor, g,

e (Cantilevering parapets or ornamentations

e Signs and billboards

1.0
e Chimneys, masts and tanks on legs acting as unbraced cantilevers
along more than one half of their total height
e Exterior and interior walls
e Partitions and facades
e Chimneys, masts and tanks on legs acting as unbraced cantilevers
along less than one half of their total height, or braced or guyed to
2.0

the structure at or above their center of mass

e Anchorage elements for permanent cabinets and book stacks

supported by the floor

e Anchorage elements for false (suspended) ceilings and light fixtures

3.3.3 New Zealand (NZS 1170.5)

In New Zealand, the seismic design provisions for non-structural elements/parts are set forth in

NZS 1170.5 (NZS, 2004). The horizontal seismic force on a NSE is given by:
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Fpn = G (T,) Con Ry W), < 3.6W, (3.23)
where Cp(Tp) is the horizontal design coefficient for the part, Cpn is the horizontal response factor
for the part, Ry is the risk factor for the part, and Wp is the weight of the part.

For parts that are sensitive to vertical acceleration, the vertical seismic force on a NSE is given by:
Eyy = CppCoaRp W, < 2.5W, (3.24)
where Cpy is the vertical response factor for the part, and Cyq is the elastic site vertical design

response spectrum value at the supporting structure’s period adjusted by a structural performance

factor.

The horizontal design coefficient (Cp(Tp)) is determined by:
Cp(Ty) = C(0)CyiCi(Ty) (3.25)

where C(0) is the elastic site design response spectrum value for T = 0, Chi is the floor height
coefficient for the level i supporting the part given by Equation (3.26), Tp is the period of the part,
and Ci(Tp) is the spectral shape factor for the part at level i given by Equation (3.27).

h;
1+€‘, forallh; <12m
= h;
Chi |1+ 10h—l, for  h; <0.2h, (3.26)
n
\3.0, for  h; <0.2h,
where h; is the period of the part,
2.0, for T, < 0.75 sec
C(T,) =42(1.75—-T,),  for0.75 < T, < 1.5 sec (3.27)
0.5, for T, =1.50sec

The horizontal (Cpn) and vertical (Cpy) response factors are determined based on the ductility

expected in the part (Table 3.5). The risk factor for the part is determined based on

Table 3.6.
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Table 3.5 Non-structural element/part response factors for NZS 1170.5 (NZS, 2004)

. Horizontal (Cyn) and Vertical (Cpy) Response
Ductility of the Part, up
Factors
1.00 1.00
1.25 0.85
2.00 0.55
3.00 or greater 0.45

Table 3.6 Non-structural element/part risk factors for NZS 1170.5 (NZS, 2004)

Category Criteria Part Risk Factor, R,
P.1 Part representing a hazard to life outside the structure ! 1.0
P Part representing a hazard to a crowd of greater than 100 L0

' people within the structure ! '
P3 Part representing a hazard to individual life within the 0.9

. structure ! '
P4 Part necessary for the continuing function of the evacuation L0

' and life safety systems within the structure '
P.5 Part required for operational continuity of the structure 2 1.0
6 Part for which the consequential damage caused by its failure 20

. are disproportionately great '
P.7 All other parts 1.0

Notes:

1. To be considered in this category, the part must weigh more than 10 kg, and be able to fall more

than 3 meters onto a publicly accessible area.

2. Only parts essential to the operational continuity of structures with importance level 4 (refer to

NZS, 2004) will be classified as P.5. Non-essential parts and parts within structures of other

importance levels will be otherwise classified.
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3.3.4 Summary

All three code provisions have distinct procedures for establishing acceleration demands on NSEs.
ASCE 7-10 takes into account the variability in acceleration demands in NSEs depending on their
location within the supporting building. However, it does not account for the NSE’s natural period
and how it relates to the structure’s natural periods (i.e. resonance condition) with the exception

of broadly defining elements as either rigid or flexible.

In comparison, Eurocode 8 takes into account the fundamental natural period of NSEs with respect
to the fundamental period of the supporting building. NZS 1170.5 also accounts for the natural
period of the NSE but does not establish a relationship between the natural period of the NSE and
the supporting building. Similar to ASCE 7-10, both NZS 1170.5 and Eurocode 8 consider the
variability in acceleration demands in NSEs depending on their location within the supporting

building.

The weaknesses in current code provisions have been thoroughly discussed in past research efforts
(Umaetal., 2010; Sullivan et al., 2013; Pinkawa et al., 2014; Welch, 2016; among others). Welch

(2016) listed some of the important concerns regarding the code provisions, which include:

e Overestimating peak floor acceleration demands while underestimating the dynamic

amplification of flexible NSEs.
e Neglecting the modal properties of the supporting building.
e Not accounting for differences in damping of the NSE and the supporting building.

e Not accounting for non-linear demands in the supporting building.
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4 DISPLACEMENT-BASED DESIGN AND DYNAMIC TIME
HISTORY ANALYSIS OF CASE STUDY BUILDINGS

This chapter details the design and time history analysis (THA) of the six case study buildings
considered in this study. The structures were designed through a displacement-based design
procedure with seismic loads from ASCE 7-10 (ASCE, 2010). Both linear and non-linear time
history analyses were conducted using a lumped-plasticity modelling approach in

RUAUMOKO2D (Carr, 2004).

4.1 Case-study Buildings

The structures considered for this study were 4, 8 an