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ABSTRACT 
 
 
 

PILE DOWNDRAG DURING CONSTRUCTION OF  

TWO BRIDGE ABUTMENTS 
 
 
 

Brian K. Sears 

Department of Civil and Environmental Engineering 

Master of Science 
 
 
 

Two steel pipe piles in place in abutments for two different bridge constructions 

sites were instrumented with strain gauges to measure the magnitude of negative skin 

friction.  The piles were monitored before, during and up to 19 months after construction 

was completed.  The load versus depth and time in each pile is discussed.  Maximum 

observed dragloads ranged from 98 to 127 kips.  A comparison with two methods for 

calculating dragloads is presented.  Both comparison methods were found to be 

conservative, with the Briaud and Tucker (1997) approach more closely estimating the 

observed load versus depth behavior. 
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1.0 Introduction 

In the age of modern construction, finely-engineered structures soar majestically 

above the ground.  On the outside, the appearance of these buildings excites the awe of 

people with many different backgrounds.  Within the engineering community it is known 

that each building has been designed to withstand various loading demands to which the 

superstructure and foundation will be subjected.  The future of the building is dependant 

upon multiple interactions in the engineering world, some of which are well known and 

others where understanding is still evolving.  As time has progressed, significant progress 

has been made in understanding the interaction of structural elements with natural and 

man-made forces and also the interaction of foundation elements with subsurface 

conditions.   

The presence of multi-story buildings and large-span bridges coupled with the 

existence of weak surface soils often necessitates the use of deep foundation systems to 

prevent bearing capacity failure or excessive settlement.  Deep foundations can transfer 

the structural load through a weak soil to a stronger bearing stratum.  If a bearing stratum 

is too deep, the structural load can also be transferred by skin friction between the pile 

and surrounding soil.  The use of pile foundations is not new in the engineering 

community, but many of the interactions between the superstructure and the surrounding 

soil are constantly under scrutiny and extensive research.  The use of structural members 
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manufactured to certain specifications facilitates understanding of how loads will be 

transmitted between structural members and from the superstructure to the foundation.  

However, since the soil upon which the structure is built is not engineered, less certain 

understanding exists regarding how the soil will react when in contact with the 

foundation elements.   

1.1 Skin Friction 

The influence of skin friction on pile foundations, both positive and negative, has 

been known for many years.  Although the presence of positive friction has historically 

been the more researched aspect, the presence of negative skin friction, commonly 

referred to as downdrag, is being researched at an increased rate due the consequences of 

its neglect in design.  Positive skin friction develops when the pile settles relative to the 

surrounding ground.  In contrast, negative skin friction develops when the surrounding 

soil settles relative to the pile.  Both frictions require some degree of movement between 

the pile and soil in order to be mobilized.  Negative skin friction can develop from a 

number of causes, such as settlement of a compressible clay layer, settlement of a 

collapsible soil due to wetting, settlement of a layer due to liquefaction or settlement due 

to a dewatering.   

1.1.1 Process of Developing Skin Friction 

A depiction of the development of skin friction, both positive and negative is 

shown in Figure 1-1.  In Figure 1-1(a), dead and live loads imposed on a pile foundation 

by a bridge or building are typically resisted by positive skin friction acting on the side of 

the pile and by toe resistance acting at the toe of the pile.  As load is applied to the pile, it 
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settles relative to the surrounding soil, thus inducing positive skin friction.  Skin friction, 

in general, is usually fully developed or “mobilized” with pile movement of 2.5 to 5 

millimeters (0.1 to 0.2 inches) while to fully develop toe resistance, movement equal to 

5% to 10% of the pile diameter/width may be required.  The load in the pile for this 

situation is shown in Figure 1-1(b).  At the head of the pile, the load is equal to the dead 

and live load, but the load in the pile decreases with depth as the load is transferred to the 

surrounding soil by positive skin friction.  The load in the pile at the toe is equal to the 

toe resistance provided by the soil below the toe of the pile. 

If the pile is driven through a compressible soil layer near the surface to a stronger 

soil layer at depth and fill is placed around the pile, as could be the case for an approach 

fill for a bridge, then the settlement of the compressible soil may exceed the settlement of 

the pile.  When the settlement of the compressible soil exceeds the settlement of the pile 

sufficiently – a few millimeters as mentioned above – negative skin friction develops as 

shown in Figure 1-1(c).  At some depth, the pile will once again settle more than the 

surrounding soil and positive skin friction will develop as illustrated in Figure 1-1(c).   

The boundary between positive and negative skin friction is known as the neutral 

plane and represents the depth where the settlement of the pile and surrounding ground 

are equal, and where the load in the pile is the greatest.  Negative skin friction acting on 

the pile creates a “dragload” on the pile in addition to the pile head load.  As a result, the 

load in the pile increases from the pile head to the neutral plane and then decreases from 

the neutral plane to the pile toe as illustrated in Figure 1-1(d).  Therefore, the increased 

load in the pile must be appropriately considered in designing the pile foundation.  
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Figure 1-1 Illustration of (a) Forces Acting on a Pile and (b) Load in the Pile for Typical Case 
Involving Positive Skin Friction along with (c) Forces Acting on a Pile and (d) Load in the Pile for 
Case Involving Negative Skin Friction 
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1.1.2 Evaluation of Ultimate Pile Capacity with Downdrag  

Although the concepts discussed above are widely recognized, there is significant 

variation in how designers consider negative skin friction in engineering practice.  For 

example, some designers try to ensure that the dead load (PD) and live load (PL) at the 

pile head, plus the dragload (Fn) is less than the resistance provided by the sum of 

positive skin friction (Fp) and toe resistance (QT) divided by a factor of safety (FS), 

typically ranging from 2.0 to 2.5, as shown in Equation 1-1. 

( )
FS

QF
FPP Tp

nLD
)+

≤++  (1-1) 

Accounting for the negative skin friction has a double effect.  First, since some of 

the pile is experiencing negative skin friction, that same portion of the pile cannot be 

counted on for positive skin friction, thus reducing the quantity of resistance supplied by 

positive skin friction.  Secondly, the negative skin friction, as accounted for in this 

equation, becomes another load that must be counteracted by the resisting forces on the 

pile, thus requiring a significantly greater pile length or diameter to support the structure. 

In contrast, Fellenius (1998) recommends that the pile be designed such that the 

dead and live load do not exceed the ultimate load capacity of the pile using Equation 1-

2. 

⎟
⎠
⎞

⎜
⎝
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In Equation 1-2, Qs is the ultimate positive side resistance along the entire length 

of the pile (not just below the neutral point) and Qp is the ultimate resistance at the base 

of the pile.  PD, PL and FS are the same as in Equation 1-1.  The rationale for this 

equation is that if the applied axial load began to reach the ultimate state, the pile would 

settle relative to the surrounding soil at very small displacements and positive skin 

friction would redevelop in the soil above the original neutral plane.  Therefore, for the 

ultimate state the influence of dragload force is neglected and the ultimate capacity is 

identical to what one would use for the conventional loading case illustrated in Figure 

1-1(a) and (b).   

According to Fellenius (1998), dragload only needs to be considered to evaluate 

the structural axial capacity of the pile and the potential for excessive pile settlement.  

The allowable axial capacity of the pile (QStruc) should be designed as shown in Equation 

1-3, so that the dead load combined with the dragload (Fn) above the neutral plane does 

not exceed the compressive strength of the pile. 

nDStruc FPQ +≥  (1-3) 

The load distribution along the length of the pile after the development of 

dragload and at the ultimate state is illustrated in Figure 1-2.  This figure highlights the 

concept that at the ultimate state, an increased amount of reserve capacity (remaining 

capacity before failure of the pile) could be developed due to negative skin friction 

changing to positive and toe resistance becoming fully developed.  In Figure 1-2, D is the 

applied dead load, PL is the permanent live load, Qu is the ultimate soil capacity, Fn is the 
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dragload, Fpu is the positive shear resistance and Qpu is the ultimate toe resistance of the 

pile. 

  

 

Figure 1-2 Illustration of Potential Reserve Capacity at the Ultimate State due to Reversal of Skin 
Friction from Positive to Negative after Initial Development of Dragload due to Negative Skin 
Friction (Briaud and Tucker, 1997) 

As illustrated in Figure 1-1(c), the maximum load in the pile for the downdrag 

loading condition would occur at the neutral plane.   In addition, Fellenius recommends 

that the pile settlement be evaluated when the pile is subjected to the dead load and 

dragload combined to ensure that settlements are within tolerable limits. 
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 Because the two approaches for addressing downdrag effects are notably 

different from each other and lead to considerably different pile designs, it becomes of 

significant practical consequence to know which method best represents the physical 

conditions which develop in the field.  This study was undertaken to improve our 

understanding of pile behavior when negative skin friction is anticipated.  Test piles were 

monitored to evaluate negative skin friction during embankment construction and then 

after construction of bridge overpasses.  Monitoring continued for about a year after 

construction to evaluate secondary consolidation effects on behavior. 

1.1.3 Research of Negative Skin Friction 

As stated previously, the phenomenon of downdrag has been known for many 

years and has been the topic of research, in the laboratory and in the field, for the past 

five or six decades.  From the results of research on both positive and negative skin 

friction, the character of downdrag forces has become better known and accessible by 

design methods and computation methods.  Research has also resulted in methods to 

mitigate or remove the downdrag forces in piles.  

Research conducted in the laboratory, with computer models and with full-scale 

field tests on both positive and negative skin friction, has yielded multiple methods to 

compute the magnitude and location of the downdrag forces present.  These methods 

range from the use of the alpha or beta coefficients, similar to approaches for positive 

skin friction, to computer models employing q-z and t-z curves.  The complexity 

available in computer models potentially allows for more accurate solutions, but the other 

approaches can be sufficient given that enough information is available. 
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1.2 Objectives 

Research for this study was performed to gain a better understanding of the 

development of dragload on abutment piles for bridges due to construction of approach 

fills.  In addition, the effect of subsequent dead loads produced by the construction of the 

bridge on the load distribution in the pile was investigated.  Specifically, the objectives of 

this study were: 

1. Measure the development of dragload on piles resulting from construction of an 

embankment followed by bridge construction and long-term settlement. 

2. Evaluate methods for predicting axial pile capacity for piles subjected to 

downdrag and the location of the neutral plane. 

3. Develop recommendations for axial pile capacity considering downdrag. 

The ultimate objective of this thesis is to provide a better understanding of the 

effects of structural loading on the dragload force and examine appropriate methods for 

predicting this force.   

1.3 Scope of Work 

To achieve the objectives of this study, abutment piles were instrumented at two 

new overpasses in Salt Lake City, Utah, after installation of the piles but before 

construction of the approach fills.  The first site was an overpass at the Redwood Road 

and SR-201 intersection, while the second site was an overpass at the entrance to the Salt 

Lake International Airport.  A third test site near Springville, Utah was instrumented and 

subsequently abandoned due to the malfunction of nearly all the instrumentation. One 

abutment pile was instrumented with 16 vibrating wire embedment type strain gauges at 

8 levels at the Redwood Road site and 18 gauges at 9 levels at the Salt Lake Airport.  The 
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gauges were placed in the piles prior to filling the piles with concrete to monitor the 

forces within the pile on a continuous basis.  After installation of wick drains and 

construction of the approach fill, settlement was monitored over time.  Monitoring of the 

instrumentation continued on a long-term basis while the bridge was constructed and 

dead load was applied to the pile.  Monitoring then continued for another 12 to 19 months 

following the completion of bridge construction to evaluate the effect of secondary 

consolidation.  Therefore, the distribution of load within the test piles can be evaluated 

after fill placement, then after bridge construction, and finally during secondary 

consolidation.  

Using data from this study, skin friction was computed along the length of each 

pile as a function of depth during fill placement, ground settlement and structural load 

placement.  The measured negative and positive skin friction and the location of the 

neutral plane were also compared with several available methods for predicting these 

parameters.  

Although it is not within the scope of this work to develop a new method for 

calculating downdrag forces, the measured force distributions have been compared with 

available methods for predicting the force distribution in an attempt to recreate the 

magnitude and location of downdrag forces.  Recommendations regarding appropriate 

methods to account for downdrag are also made.   

 



2.0 Literature Review 

The concept of downdrag and its subsequent effects has been known for more 

than 60 years and full-scale research has been conducted for the past 40 years or more.  

Various approaches to downdrag have been proposed.  These include theoretical 

approaches (not necessarily based on test results) to determine the location and 

magnitude of downdrag forces; full-scale tests; model scale laboratory and centrifuge 

tests; and computation methods stemming from field measurements.  Little (1994) gave 

an excellent summary of many published experiments or theories regarding downdrag.  

As with most other areas in geotechnical engineering, the ability to assess and compute 

the various aspects of downdrag loading has improved, but various conflicting arguments 

continue today regarding the best way to account for downdrag in the design of pile 

foundations.  This review of testing and analysis methods will illustrate the current state 

of design and recommendations regarding downdrag. 

For ease in approaching the subject of downdrag, the various approaches will be 

divided into two categories.  Theoretical approaches will be treated first to give a proper 

foundation on which the various testing to quantify and monitor downdrag can then be 

based.  Following the theoretical information, the various methods and testing used to 

measure, monitor and estimate downdrag will be discussed.  This portion will be split 

 11



into three areas, namely; full scale and model testing; laboratory, computer models and 

centrifuge tests; and past and present design methods. 

2.1 Theoretical Approaches 

As a general reference in computing side friction (positive or negative), Little 

(1994) refers to the total stress approach that proposes that unit side resistance (τ) on 

piles is a function of adhesion in cohesive soil using Equation 2-1.   

usατ =  (2-1) 

In Equation 2-1, α is an empirical adhesion factor and su is the undrained shear 

strength of the clay.  Tomlinson (1957) identified various factors which could affect the 

adhesion during the pile driving relative to undrained shear strength.  Gap formation 

between the pile and soil, ground heave and pile shape were the primary topics identified.  

Little doubt can exist that a gap forms as the pile is driven, which in soft clays closes up 

quickly and regains most or all of its previous strength.  However in stiff clays, the gap 

will not usually close near the ground surface, leaving a permanent opening, and thereby 

lowering the ultimate strength.  In regards to ground heave, various experiments have 

been done showing that soil tends to be pushed up and away from the pile creating a 

permanently softened zone around the pile in some cases.  Effects of pile shape on the 

adhesion are more inconclusive from the available data.  Then current results did not 

show an increase in adhesion for an increase in diameter or for open ended piles.  

Tapered piles do seem to show an increase because of the closing of the gaps formed 

during driving. 
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Bozozuk (1972) reasserted the claim that the horizontal effective stress was 

related to the downdrag forces.  In this approach the unit side resistance is computed with 

the effective stress approach utilizing Equation 2-2. 

δστ tan'
vK=  (2-2) 

In Equation 2-2, K is an earth pressure coefficient, σ’v is the vertical effective 

stress and δ is the angle of friction at the soil-pile interface.  He asserted that the location 

of the neutral point is a function of the friction angle between the soil and pile, the angle 

of internal friction in the soil, the submerged unit weight of the soil and the at-rest earth 

pressure coefficient.  Bozozuk was joined in the horizontal effective stress assertion by 

Bjerrum et al. (1969).   

Burland (1973) used the effective stress approach to analyze a large number of 

piles subjected to downdrag in soft clays.  In this study he back-calculated a β factor as 

shown in Equation 2-3. 

δβ tanK=  (2-3) 

From his analysis, he concluded that the shaft friction coefficient β lies in the 

range of 0.25 to 0.40 regardless of the type of clay.  Using this conclusion, he suggested 

the same approach could be used to find the magnitude of negative skin friction and set 

an upper limit of 0.25 for β in soft clay. 

Little (1994) indicates that Zeevaert (1959) proposed the existence of a “hang-up” 

effect which occurs in pile groups.  This “hang-up” effect is used to explain the cause for 
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cases where the inner piles in a group may have a lower magnitude of downdrag than 

piles on the outer edges and corners.   

Little (1994) also cites Buisson et al. (1960) as being the first to have explained 

that the shear stress and shear strain of the pile are related and that a point exists on the 

pile in which there is no relative movement between the pile and surrounding soil, 

therefore at this point no loads are being transferred between the soil and pile.  

Theoretically, negative skin friction develops above this point while positive skin friction 

develops below this point.  This method acknowledges the neutral point concept, but 

differs from the approach of Terzaghi and Peck (1948) in that the neutral point is not 

necessarily located on the level of the bearing layer.   

2.2 Full Scale and Model Testing 

Chellis (1951) reports on a number of case histories where failure occurred due to 

dragload.  These case histories come from pile supported structures such as an oil mill, 

water-front structures, a concrete stadium, a steel mill and battered piles.  In each case, 

settlement in underlying layers, from a variety of causes, produced a dragload on the piles 

sufficient to overcome design loads and cause excessive settlement and failure of the 

structure. 

Locher (1965) reported the results of tests using a combination of cast-in-place 

and precast piles to reduce the amount of downdrag for a project near Berne, Switzerland.  

Downdrag forces were assumed to be very large for the project.  Therefore to minimize 

cost and time, they developed a foundation where a smaller diameter precast concrete pile 

was placed on top of a bored, cast-in-place pile that was terminated in the bearing layer.  

This created larger bearing forces for the cast-in-place pile and less surface area to 
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generate downdrag in the remaining precast pile.  Previous methods suggested by 

Terzaghi and Peck (1948), Zeevaert (1959) and Elmasry (1963) were compared to each 

other and the actual capacity of the piles used. 

Johannessen and Bjerrum (1965) instrumented two steel pipe piles driven through 

approximately 44 m of soft clay to bedrock.  A fill with a total height of 10 m was placed 

one year after the piles were driven.  Eleven months following the placement of the fill, a 

total settlement of 1.7 m was observed, at the top of the fill with 0.5 m of the total being 

caused by a slide that occurred because of nearby dredging.  From the settlement 

occurring at the site, a dragload of approximately 250 tons was measured, with the 

neutral plane appearing to be located at the top of bedrock.  This level of force, overcame 

the bearing capacity of the bedrock, and resulted in 6 cm of settlement of the pile head.  It 

was determined that the negative skin friction forces could be approximated by the 

effective stress method, with a β value of 0.20 at the maximum load on the pile.  

Endo et al. (1969) conducted studies on four piles with varying characteristics 

placed in silty sand and sandy silt soil conditions.  The soil at the site was settling 

approximately 15 cm/year due to dewatering.  Properties of the four piles used in the 

study are shown in Table 2-1.   

The maximum downdrag load measured on any pile was approximately 610,000 

lbs.  Results from this study showed an obvious difference in loads experienced for the 

variety of pile types.  Differences between open- and closed-ended piles were the largest 

noted after the two year study was completed.  The results for pile cE43 during the two 

years is found in the plot to the left in Figure 2-1, and loads for each pile after two years 

are shown on the plot to the right in Figure 2-1.  Beta values for the various piles were 
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calculated to be between 0.2 for the open point pile and 0.35 in the closed point bearing 

pile.  Endo et al. (1969) showed that results for downdrag loads could be estimated with 

fair accuracy by half the unconfined compressive strength (i.e. qu/2), but the 

recommendation was made to use the effective stress approach. 

Table 2-1 Pile Properties for Study Conducted by Endo et al. (1969) 

Type of Test Piles Dimension (mm) Length (m) Symbols 

Point Closed 
Vertical 

Point Bearing Pile 

Diameter = 609.6 
Thickness = 9.5 43 cE43 

Point Closed 
Battered (Angle = 8o) 

Point Bearing Pile 
Same as above 43 cB43 

Point Opened 
Vertical 

Point Bearing Pile 
Same as above 43 oE43 

Point Closed 
Vertical 

Friction Pile 
Same as above 31 cF31 

 

 

Figure 2-1 Loads in Pile cE43 Over Time and Loads in Each Pile After Two Years as Reported by 
Endo et al. (1969) 
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Bjerrum et al. (1969) reports the then-current results of a full-scale test on five 

steel pipe piles in soft clay.  Four of the piles were driven to a bearing rock stratum and 

about ten meters of fill was placed to induce settlement.  Two piles were used as control 

piles, while one was coated with a one mm layer of bitumen and the other was used to 

test cathodic protection using a current of four amperes at 0.6 volts.  Enlarged points 

were used on the bitumen coated pile, the cathodic protected pile and one control pile.  

Results of the test showed that bitumen coating reduced the downdrag load to a mere 

10% of that of the control pile.  The pile using cathodic protection showed only 33% of 

the downdrag load of the control pile.  Results of this experimentation were used to save 

a future project approximately 80% of the originally estimated cost. 

Bozozuk (1970) conducted a full-scale test on 39-inch diameter pipe piles 270 

feet long driven in marine clays.  It was estimated that ten feet of settlement would be 

seen from the construction of an embankment to be used for an overpass.  The soil profile 

consisted primarily of silty clay underlain by sand and then shale.  During the period of 

record, loads up to 840 tons were attributed to downdrag.  It was also noticed that the 

highest values of unit skin friction were seen in the upper part of the soil profile where 

the pore pressures had declined.  This fact strongly indicated that negative skin friction is 

related to effective stress. 

Walker and Darvall (1973) instrumented two steel pipe piles.  They were driven 

in a soil profile consisting of an upper layer of medium fine sand, followed by a 15.5 m 

layer of silty clay.  The silty clay layer was underlain by three meters of sandy silt and 

then by eight meters of dense sand and gravel.  One pile was coated with 60/70 

penetration bitumen with an average thickness of 1.5 mm.  The coated pile was 
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embedded into the sandy silt layer, but not to the bearing layer.  The uncoated pile was 

driven two meters into the bearing layer.  Loads in the uncoated pile after four months 

reached 180 tons while the load on the coated pile reached only three tons.  The apparent 

effectiveness of the bitumen coating was obvious.  A theoretical approach based on the 

finite element method was proposed and shown to have sufficient accuracy in calculating 

the loads at the four month time interval (see Figure 2-2).  

Bozozuk (1981) reported on the ultimate bearing capacity of a single, steel pipe 

pile that had been subjected to previous dragloads.  The pile was driven in marine clay 

and left for ten years while settlement occurred in the soil surrounding the pile.  Figure 

2-3 provides a plot of the load in the pile as a function of depth at the end of ten years.  

The dragload had reached nearly 1.5 MN (170 tons) at the neutral plane which was 

located at a depth of about 20 meters.   

After the ten year period had passed, the pile was loaded with loads ranging from 

one-third to two times the maximum downdrag load.  Following these loadings, the pile 

was subjected to cyclic loadings at various ranges.  Figure 2-4 shows the loading 

schedule of the pile.   

As the applied load increased, the magnitude of negative skin friction decreased 

above the neutral plane so that the net increase in load at the neutral plane was negligible.  

Eventually, as applied load increased, the friction above the original neutral plane became 

progressively more positive.  Finally, at a load equal to two times the original dragload, 

the friction above the original neutral plane was almost all positive, yet the load below 

the neutral plane was not significantly increased.  These results suggest that the presence 
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of downdrag is unlikely to change the ultimate capacity of the pile as applied load is 

increased. 

 

Figure 2-2 Comparison of Actual Loads and Calculated Loads from Test by Walker and Darvall 
(1973) 

The settlement of the pile was also monitored during the loading.  The results 

showed that the pile was able to carry loads equal to the maximum downdrag load 

without excessive settlement occurring.  If loads exceeded the downdrag load, only short-

term loading would be permissible without some additional settlement.  This study 

concludes that downdrag loads produce a pre-stressing effect on the pile, similar to that 

produced by pre-stressing a concrete beam.  Results of this experiment concluded that the 

downdrag load on a pile can prepare the pile to carry transient loads without significant 

settlement. 
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Figure 2-3 Downdrag Loads on Pile Studied by Bozozuk (1981) 

 

Figure 2-4 Loading Schedule for Pile Studied by Bozozuk (1981) 

 20



Mohan et al. (1981) conducted a study on a five meter long pile driven into soft 

clay.  Fill was placed incrementally and the pile top was anchored to a yoke on the 

surface.  Load readings were available from a load gauge placed between the yoke and a 

girder.  After the test was completed the pile was pulled to test the ultimate skin friction.  

The total drag load measured in 125 days was 4.10 tons.  Values for α and β were 

calculated with the value for α being 0.43 and the value for β equal to 0.145.  The β value 

was acknowledged to be low in comparison to other values computed for similar clay at 

other sites. 

Clemente (1982) instrumented five pre-stressed concrete piles to test the 

effectiveness of bitumen to reduce downdrag forces in the warm climate of Hawaii.  

Numerous difficulties were experienced through the coating process, but sufficient 

coatings were finally achieved.  Downdrag reduction efficiencies ranging from 60 to 80 

percent were observed for the coated piles versus the uncoated. 

Auvinet and Hanell (1982) conducted a study of two precast concrete piles, one 

30.5 m long and the other 32 m, in Mexico City where soil subsidence is heavily 

prevalent.  Settlement of 21 cm was observed over a two-year period, being caused by 

nearby pumping operations.  After two years, the pumps were turned off and the 

settlement almost stopped and in some areas heave was observed.  A maximum dragload 

of 21 tons was measured in the friction pile (30.5 m pile) and a 32 ton load was measured 

in the point bearing pile (32.0 m pile).  However, the point bearing pile penetrated the 

thin sand layer into which it was driven and ultimately acted as a friction pile.  In the 

attempt to estimate the skin friction from equations, Equation 2-4 proved to be the most 

accurate to estimate the magnitude, s, at any depth, z, where cu is the undrained shear 
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strength and φ is the friction angle of the soil.  It was suggested that a settlement of two 

cm was required to fully mobilize the negative skin friction, instead of the few 

millimeters suggested previously by others. 

φtan5.1)( uczs =  (2-4) 

Bush and Briaud (1994) conducted measurements of dragloads on eight piles near 

New Orleans.  The set of piles consisted of three types; steel, pre-stressed concrete and 

wood.  One pile of each type was left uncoated with the others being coated with a 

variety of bitumen or other compounds to compare dragloads for the various cases.  See 

Table 2-2 for pile dimension and coating information. 

The site was located on a reclaimed marsh area with normally consolidated soft 

clay with interbedded layers of sands and silts. The clay became medium-stiff after about 

16 meters and stiff after 24 meters.  Laboratory and fields tests were done, and additional 

monitoring was done during the study time of two years.   

Table 2-2 Pile Dimensions and Coatings for Study by Bush and Briaud (1994) 

Pile Type Pile 
Symbol 

Diameter or 
Width, mm 

Wall 
Thickness 

Bitumen Coating 

SPU None Closed-end 
Steel Pipe SP3 324 (O.D.) 10 mm Trumbull Type 3 

CPU None 

CPI Intec Blue 
Compound 

Square Precast, 
Prestressed 
Concrete CPM 

356 N/A 

Intec Blue Membrane 
TPU None 
TPM Gulfseal Mastic Timber 
TP1 

432 (Top) 
229 (Tip) N/A 

Trumbull Type 1 
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  Downdrag loads on the uncoated pile reached about 340 kN and the other two 

coated concrete piles had observed downdrag loads of 900 to 1000 kN.  Instrumentation 

on all three timber piles malfunctioned and no results were available.  Downdrag loads on 

the uncoated steel pile reached about 440 kN while the coated pile experienced only 

about 60 kN of downdrag forces.  Loads on the uncoated and coated piles are shown in 

Figure 2-5 and Figure 2-6, respectively. Ground surface settlement (approximately 220 

mm) and pile settlement relative to the soil were observed and recorded.   

 

Figure 2-5 Loads in Uncoated Pile from Study Conducted by Bush and Briaud (1994) 

 

 23



 

Figure 2-6 Loads in Bitumen Coated Pile from Study Conducted by Bush and Briaud (1994) 

Little (1994) conducted a full-scale test in Scotland with 23 piles placed in soft to 

firm, normally consolidated clay.  Laboratory and in-situ tests showed the soil to be 

highly compressible.  The effect of downdrag on pile groups and a comparison of friction 

piles versus end-bearing piles were the focus of this study.  The piles ranged in length 

from 16 to 20.5 meters in length. 

It was found that the corner pile in the groups developed the largest dragloads and 

that the end bearing piles developed larger dragloads than the friction piles.  Dragloads 

up to 250 kN were recorded for the end bearing corner pile.  The depth of the neutral 

plane did not change much from the friction to end bearing piles.  The neutral plane was 

only two to three meters deeper for the end-bearing piles when compared to the friction 
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piles.  Total settlement, the combination of fill and original soil settlement, of 

approximately 180 mm was recorded.   

Acar et al. (1994) performed a study on the downdrag of the piles supporting a 

supermarket in New Orleans after the foundation system failed.  Foundation piles were 

found to have failed because of the downdrag forces induced on the piles from a 1.38 

meter surcharge fill.  This study was completed after the failure had occurred and could 

therefore not be accompanied by actual measurements of the quantity of downdrag 

forces. 

Fellenius (1998) gave a summary of the knowledge gained to that point in the 

field of downdrag based on a number of case histories not cited above.  It was pointed out 

that downdrag is a settlement problem and that dragload can produce a prestressing effect 

in the pile.  Other primary points singled out were that live loads added to the structure 

reduce the dragload by the same amount as the live load, and that dragloads are not to be 

included in the calculations for ultimate pile capacity. 

Gue et al. (1999) instrumented two piles (one center and one edge) in an 

embankment alongside a reinforced earth wall in Malaysia.  They monitored settlement, 

lateral movement and downdrag forces.  Observed settlement at the original ground 

surface amounted to 65 mm.  The soil profile consisted primarily of clayey silt with 

occasional layers of silty sand.  Instrumentation for the research was placed in the piles 

after driving to minimize damage to the gauges.  Downdrag forces from 440 to 820 kN 

were observed in the middle and edge piles respectively.  The lower magnitude of 

downdrag for the middle pile was explained by the “hang up” effect described by 

Zeevaert (1959).   
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2.3 Laboratory, Computer Models and Centrifuge Tests 

Koerner and Mukhopadhyay (1972) conducted a series of laboratory tests to 

assess the effects of different variables not economically feasible to do by full-scale tests 

such as the effect of batter, group spacing, water content, pile material, asphalt viscosity 

and asphalt thickness.  Most test yielded foreseeable results which confirmed previous 

ideas and theories of the character of downdrag.  Tests were performed using a one-inch 

outer diameter pile with 10 gauges located at five different depths.   

Tests showed that dragloads begins to accumulate at the top of the pile and then 

works its way down as more surface loading is applied.  Pile batter tests showed a 

dramatic increase in downdrag for piles at a batter flatter than about 1:10 

(horizontal:vertical).  Figure 2-7 shows the relationship from their published results.  The 

tests of pile group spacing showed an increase in downdrag until a spacing of 2.5 

diameters.  At spacings greater than 2.5 diameters little to no change in downdrag was 

observed (see Figure 2-8).   

Tests on pile material were inconclusive, although tests showed that steel tends to 

follow the undrained shear strength curve until the water content becomes greater than 

the plastic limit.  Concrete and wood begin lower, but tend to become parallel to the 

undrained shear strength curve with wood developing the full shear strength at the liquid 

limit.  As was expected, the downdrag decreased as the water content increased due to the 

soil becoming less stiff as shown in Figure 2-9.  This is expected because the soil loses 

shear strength as the water content increases.   
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Figure 2-7 Plot Showing Relationship between Pile Batter and Downdrag Force (Koerner and 
Mukhopadhyay, 1972) 

 

Figure 2-8 Plot Showing Relationship between Pile Spacing and Downdrag Force (Koerner and 
Mukhopadhyay, 1972) 
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Figure 2-9 Plot to Show Relationship between Water Content, Pile Material and Downdrag Force 
(Koerner and Mukhopadhyay, 1972) 

Tests done on piles with asphalt coating showed that as the penetration (e.g. 

hardness) increases so does the downdrag.  This is understandable because the surface is 

rougher and more friction is able to build.  In respect to the thickness of the asphalt 

layering, it was found that the thicker the coating the less downdrag was developed.  All 

piles showed marked differences in load from the original piles tested without coating.   

Leifer (1994) performed computer analyses of several piles to ascertain the effect 

of live loads on downdrag.  Analyses were conducted using the computer program 

APILE2.  The program determines the load-deflection response and the distribution of 

load and deflection with depth for a pile.  Results of the analysis show that the release of 

downdrag loads depend heavily upon the characteristics of the pile.  Leifer introduced a 
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pile/soil flexibility factor, f, to use in relating the decrease in dragloads.  The value for f 

can be found using Equation 2-5. 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
⎟
⎠
⎞

⎜
⎝
⎛=

2

2DKL
AE
E

f i π

 (2-5) 

In this equation, Ei is the deflection modulus (defined in Equation 2-6), A is the 

cross-sectional area of the pile, E is the modulus of elasticity of the pile, D is the pile 

diameter, K is the portion of pile subject to downdrag (ranges from 0 to 1.0), and L is the 

pile length. 

( )DD
i Wz

E maxτ
=  (2-6) 

As seen in Equation 2-3 above, the deflection modulus (Ei) is found by taking the 

maximum shear strength (τmax) divided by the relative pile soil movement required to 

fully relieve negative skin friction ((Wz)DD). Figure 2-10 shows graphically the terms of 

Equation 2-3. 

Figure 2-11 shows the main result from the work performed by Leifer (1994).  On 

the vertical axis the quantity DD/DDmax is the value of the downdrag load remaining on 

the pile divided by the maximum downdrag load existing before the live load was 

applied.  The quantity LL/DDmax is the live load applied divided by the maximum 

downdrag load defined previously.   

The shaded regions toward the right of Figure 2-11 representing smaller values of 

f show the sensitivity of these results for flexible piles.  Site specific analyses are 
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recommended by the author if the pile being used falls into this category.  Results from 

these computer models indicate that as much as six times the amount of the downdrag 

load be placed on the pile to fully release the downdrag load. 

   

Figure 2-10 Depiction to Show Process of Obtaining Ei as Used in Method by Leifer (1994) 

 

Figure 2-11 Plot from Leifer (1994) Showing Relationship between Pile/Soil Flexibility Factor, f, and 
Pile Loads 
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Leung et al. (2004) conducted several centrifuge tests to model the behavior of 

piles undergoing forces of negative friction and axial loading.  Two separate types of 

tests were completed to give a better understanding of this phenomenon.  The first set of 

tests was to study downdrag without any applied loads.  The tests were done to model a 

prototype pile 27 m long with a diameter of 1.6 m.  A diagram of the test setup is shown 

in Figure 2-12 (units are in mm).  Tests were performed using a sand layer spun to high 

compaction with a layer of soft clay above the sand.  The pile was inserted and the 

centrifuge spun until self-consolidation of the clay was complete.  A surcharge layer of 

sand was then added to induce additional consolidation.   

 

Figure 2-12 Centrifuge Test Setup for Testing Done by Leung et al. (2004) 

The first series of tests evaluated the differences of a pile socketed into a bearing 

layer versus a pile resting on bedrock (end-bearing).  Tests showed the elevation of the 

neutral plane for the socketed pile to be above the bearing layer and the end-bearing pile 
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to have its neutral plane at bedrock.  The load profiles for the two tests showed very 

similar results until the neutral plane was encountered as shown in Figure 2-13.  In Figure 

2-13, Test N1 is the test for the pile socketed into the sand layer and Test N2 is for the 

end-bearing pile.  

The next series of tests looked into the effects of applied loads.  After self-weight 

consolidation had been achieved, yielding a dragload very close to that found in the first 

test, a load was applied gradually to the pile head.  The dragload already in place on the 

pile was slowly overcome and at a load three times the dragload was finally overcome 

completely.  This was seen as the neutral plane shifted from near the bottom of the pile to 

the surface of the clay layer.  After the full load, half of the ultimate pile capacity, was 

applied, the sand surcharge layer was again placed and the model spun to achieve 

additional consolidation of the clay.  During this process, dragloads gradually overcame 

the applied load and the neutral plane returned to near the base of the pile (see Figure 

2-14).   

 

Figure 2-13 Comparison of Downdrag Loads Due to End-Bearing (from Leung et al. 2004) 
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Other applied loads were attempted, showing similar results.  Figure 2-15 shows a 

comparison of the dragload recorded from the three loading tests.   

The last part of the second series of tests looked into the effects of socket length 

into the bearing layer.  Results from the additional test showed that dragload increased 

slightly, the neutral plane lowered slightly and the settlement of the pile head decreased 

for the greater socket length. 

 

Figure 2-14 Effects of Applied Load on Location of Neutral Plane (from Leung et al. 2004) 
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Figure 2-15 Comparison of Applied Loading Tests during Testing by Leung et al. (2004) 

2.4 Previous and Current Design Methods  

Terzaghi and Peck (1948) introduced one of the earliest methods to approximate 

the magnitude of the downdrag force.  Downdrag forces are said to begin after “an 

imperceptible downward movement of the fill with respect to the piles.”  A quantitative 

amount of movement was not given.   

The area of a horizontal section within the boundaries of a cluster of piles 

multiplied by the height and unit weight of the fill, then divided by the number of piles in 

the cluster is the equation given to calculate the downdrag force.  The maximum 

magnitude of the downdrag force was implied to be the product of the thickness of the 

clay stratum, the circumference of the pile cluster and the average shearing resistance of 

the clay divided by the number of piles in the cluster.   
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The actual value for the dragload will be between 0 and the maximum magnitude, 

but it was acknowledged that at various times an appropriate value could only be 

estimated by judgment.  Terzaghi and Peck recommended that piles be spaced at a 

maximum of 2.5 pile diameters to minimize the effects of downdrag, assuming that the 

closer the piles in a cluster are spaced, the less downdrag each pile each pile will 

experience. 

Poulos and Mattes (1969) presented a method to analyze dragload on piles using 

elastic theory.  Approximate solutions for cases involving situations where slip occurs 

between the pile and soil are also presented.  However, no comparisons to actual full-

scale tests are given. 

Zeevaert (1973) proposed a method to calculate the magnitude of the downdrag 

force to be expected from the surrounding soil.  In this analysis, the remolding of 

surrounding soil is taken into consideration.  The method also points out the importance 

of consideration of time in the overall analysis.   

Poulos and Davis (1980) observed that the analysis of downdrag is affected by 

various factors including pile characteristics (type, method of installation, length and 

shape of cross section), soil characteristics (type, strength, compressibility, depth of layer 

and stiffness of bearing stratum), cause of soil movement and time since installation.  A 

method was presented to calculate the magnitude of the downdrag forces and a 

comparison was made to previous full-scale tests conducted by Bjerrum et al. (1969) and 

Walker and Darvall (1973).  The computed results compare well with the measured 

results in most cases.   
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Tomlinson (1986) indicates that loads imposed by downdrag must be included 

when considering the factor of safety for the ultimate capacity of the pile.  The amount of 

movement to mobilize the negative skin friction is assumed to be the same as for positive 

skin friction, and is stated to be on the order of one percent of the pile diameter.  Design 

curves for cases of the pile resting on a firm stratum and compressible stratum are given.  

For the firm stratum case, the peak downdrag force is located at a depth of 90% of the 

height of the fill with a magnitude equal to the effective overburden pressure multiplied 

by a reduction factor supplied by Meyerhof (1976) which ranges from 0.1 to 0.3 and is 

dependant upon the length of pile embedment.  For the compressible stratum case, the 

peak magnitude is located where the settlement of the pile becomes greater than the 

settlement of the overlying soil.  The magnitude of the downdrag force is calculated the 

same way for both cases.   

Fellenius (1989) proposed a “Unified Design” approach for the design of single 

piles or pile groups.  This design was at least partially based on his own observations of 

downdrag on piles (Fellenius, 1972).  The approach is the same for either single piles or 

groups.  It was noted that very small settlements are required to mobilize the skin friction 

on piles.  The design process is broken into three parts, namely; finding the neutral plane, 

checking the structural capacity, and calculating settlement.  Locating the neutral plane is 

done by satisfying the equilibrium in the pile between applied and resisting loads.  The 

process is iterative and involves sketching the pile and scaling the loads involved.  The 

loads involved in the pile are the dead load from the structure, the dragload from the top 

of the pile to the neutral plane, the positive skin friction from the base of the pile up to the 

neutral plane and the end bearing (see Figure 2-16).  The most conservative estimate of 
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the neutral plane in this manner requires the assumption that the full end-bearing 

resistance has been mobilized.  After the dead load and end bearing have been placed to 

scale on the top and bottom of the pile respectively, curves are drawn to represent the 

positive and negative skin friction.  It is assumed that the slope of the lines for both 

friction cases is equal for a given soil layer.  The approximate slope of these lines can be 

obtained by using shear strength properties.  The location where the two curves intersect 

is the location of the neutral plane.  As more dead load is placed on the pile, the neutral 

plane will move up. 

 

Figure 2-16 Depiction of Procedure for Locating the Neutral Plane According to the Unified Design 
Approach (Fellenius, 1989) 

     In considering the structural capacity of the pile, it was emphasized that two 

different loading situations must be considered.  The first is to design for live loads and 

dead loads, but no dragloads.  This case is used for determining the needed structural 

capacity of the pile at or near the pile cap.  The second case is to include dead loads and 
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dragloads, but no live loads.  The second case is used for determining the needed 

structural capacity of the pile at or near the neutral plane. 

Settlement of the pile cap can be obtained by plotting the settlement of the soil as 

a function of depth, including layers below the bearing layer if any weak layers exist at 

depth, and then drawing a horizontal line from the previously found neutral plane to the 

settlement curve.  The intersection of the two lines shows the settlement of the pile at the 

neutral plane.  The elastic compression of the pile due to dragloads and dead loads is 

included from the neutral point and up and the settlement of the pile toe is obtained by 

continuing the elastic compression line down to the bottom of the pile.  This process is 

also shown on the right side of Figure 2-16. 

The last main point stressed in the Unified Design method is related to bearing 

capacity.  The argument is given that dragloads must not be included in the analysis of 

the bearing capacity of the soil.  The reason is given that bearing capacity checks against 

plunging failure, in which case the entire pile is moving down with respect to the soil and 

therefore downdrag will be eliminated.  The Unified Design method stresses that only a 

combination of dead and live loads from the structure should be included in assessing 

bearing capacity. 

Matyas and Santamarina (1994) presented a closed-form solution to determine the 

magnitude of downdrag forces and the location of the neutral plane.  Rigid-plastic and 

elastic-plastic models were developed and presented.  It was noted that the rigid-plastic 

model may overestimate loads by 50% and over-predict the depth for the neutral plane.  

Wong and Teh (1995) proposed a method to analyze downdrag in layered soil 

deposits using finite element techniques.  This method uses hyperbolic soil springs to 
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model the development of side resistance as a function of vertical deflection (t-z) curves 

and the development of end-bearing resistance as a function of vertical deflection (q-z) 

curves for each soil layer.  Determination of soil parameters required to perform the 

analysis are described and the mention of a computer program named NSFPile is made.  

NSFPile was created previously to handle the procedure outlined by Wong and Teh 

(1995).   The method was used to calculate downdrag forces reported for several previous 

full-scale tests.  The calculations show remarkable accuracy for the five cases presented.  

Three of the cases presented have been presented previously (Bjerrum et al., 1969; 

Walker and Darvall, 1973; and Endo et al., 1969) and the other two (Fukuya et al., 1982; 

and Indraratna et al., 1992) are original to this paper.  (See Figure 2-17 and Figure 2-18 

for examples of the accuracy of the model to the actual results.)  The plot in Figure 2-17 

is a match to the results reported by Indraratna et al. (1992).  The plot in Figure 2-18 is a 

match to results from Walker and Darvall (1973). 

              

Figure 2-17 Comparisons of Method by Wong et al. (1995) to Actual Results by Indraratna et al. 
(1992) 
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Figure 2-18 Comparison of Method by Wong et al. (1995) to Actual Results by Walker and Darvall 
(1973) 

Das (1999) proposes “tentative” methods for piles in clay fill over granular soils 

and granular fill over clay.  In the clay fill over granular soil method, the beta method is 

used.  The equation given for the total downdrag load is 

2
tan' 2' δγ ff

n

HpK
Q =

 (2-7) 

where, p is the perimeter of the pile, K’ is the earth pressure coefficient (Ko), γf’ is the 

effective unit weight of the fill, Hf is the height of the fill and δ is the soil-pile friction 

angle (suggested as 0.5 – 0.7φ).  The location of the maximum force is not indicated, but 

the method seems to imply that the neutral plane would be at the bottom of the fill.  For 

the second case of granular fill over clay, equations are supplied for both the location and 

magnitude of the downdrag force.  The location of the maximum magnitude is found by 

using the equation 
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where additional terms are defined as follows: L1 is the depth to the neutral plane below 

the bottom of the granular fill, L is the total length of the pile, and γ’ is the effective unit 

weight of the clay.  The magnitude of the downdrag force is found by using the equation 
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pKLLHpKQ ffn +=  (2-9) 

Briaud and Tucker (1997) proposed a method for calculating the location of the 

neutral plane and the magnitude of the dragload in the pile.  This method is performed by 

calculating a pile movement envelope.  This envelope is calculated by assuming a variety 

of locations for the neutral plane along the length of the pile and then calculating the 

dragload and positive skin friction accordingly.  The pile movement envelope is then 

compared to the settlement profile of the surrounding soil.  The location where the two 

profiles intersect is the neutral plane.   

The method requires the balancing of forces acting on the pile, as shown in 

Equation 2-10, where Qt is the structural load applied to the pile, Fn is the dragload, Fp is 

the mobilized positive skin friction and Qp is the point resistance.   

ppnt QFFQ +=+  (2-10) 

In Equation 2-10, the structural load is the only value known apriori and the 

remaining three must be determined for each elevation along the pile.   
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The settlement of the pile at any depth Z is the sum of the elastic settlement in the 

pile below that point plus the settlement of the pile tip under the load Qp.  The elastic 

settlement of the pile (ωelastic) below the neutral point is computed using the equation   

AE
ZLFQ ppelastic

−
⎟
⎠
⎞

⎜
⎝
⎛ +=

2
1ω  (2-11) 

where L is the total length of the pile, Z is the depth from the top of the pile to the 

elevation in question and AE is the axial stiffness of the pile.   

The settlement of the pile tip into the bearing stratum (ωpunch) is computed with 

the equation 

( )
s

p
punch AE

DQ21
4

υπω −=  (2-12) 

where υ is the Poisson’s ratio of the bearing soil, D is the diameter of the pile at the base, 

A is the area of the pile point and Es is the Young’s modulus of the bearing soil.  The 

calculation of the dragload and the positive skin friction is performed layer by layer using 

the traditional method of multiplying the maximum side friction by the area of the pile in 

that layer.  Using this method, Briaud and Tucker created a computer program by the 

name of PILENEG. 

2.5 Need for Additional Research 

The research discussed in this chapter suggests that large amounts of laboratory, 

field and computer tests have been completed to better understand the process of 

downdrag.  Although additional case studies of measured downdrag will always been 
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needed, each study should have a more specific purpose in contributing to the overall 

ability to analyze the potential causes and effects of downdrag before construction 

begins.  Plentiful research exists of downdrag magnitudes and the location of the neutral 

plane, while less research seems to have been completed regarding the effect of structural 

loading on the magnitude and location of the downdrag forces.  Few full-scale tests 

discuss the effect of structural loading beyond the theoretical expectations of what will 

occur.  Laboratory research done by Leung et al. (2004) has found trends for the 

downdrag forces and Fellenius (1989, 1998) has spoken on the overall picture of the 

effects of structural loading.  In addition to these, Bozozuk (1981) discussed the pre-

stressing mechanism of downdrag.  With these exceptions, very little has been said of the 

effects of structural loading on the presence, location and magnitude of downdrag.   

This study will add to the state of knowledge regarding dragload magnitude and 

load distribution, but will endeavor to more specifically study the effects that structural 

loading has on the location and magnitude of the maximum dragload.  The measurements 

obtained from the work presented in this thesis will add a better understanding of 

dragload during the complete construction process, rather than just before and after.   
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3.0 Geotechnical Site Characterization 

Two test sites were used to gather data regarding dragload for this thesis.  Both 

sites are located in Salt Lake City, Utah.  One site is located at the intersection of 

Redwood Road and SR-201 (21st South Freeway) and the other is located at the entrance 

to the Salt Lake City International Airport.  Figure 3-1 shows a general map of Salt Lake 

City (Mapquest, 2008), identifying the test pile locations.  Each pile is located in an 

abutment of an overpass.  Since each site has its own geotechnical characteristics, the 

geotechnical investigation conducted for each site will be detailed separately.  

3.1 Site Characterization of Redwood Road and SR-201 Site 

The first site is located at the intersection of Redwood Road and SR-201.  The 

existing overpass located at this intersection required replacement.  The reconstruction 

consists of a main overpass containing three lanes in each direction.  This overpass will 

be constructed in the same location as the current overpass.    Another overpass called a 

“CD-Line” was constructed to the north of the main overpass, which holds two lanes.  

The test pile is located in the east abutment on the CD-Line.  Figure 3-2 provides an 

aerial photo of the intersection as it appeared before construction and shows the location 

of the test pile. 
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Figure 3-1 Map of Salt Lake City, UT, with Locations of Test Piles (Mapquest, 2008) 

The Utah Department of Transportation oversaw the construction process with 

Ralph L. Wadsworth Construction Company, Inc serving as the general contractor. 

The east abutment is approximately 42 feet wide with fill being placed to a height 

of approximately 25-26 feet.  The approach fill continues for approximately 100 feet to 

the east of the abutment.  A surcharge fill of eight feet was placed to accelerate settlement 
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which was later removed.  More details regarding of the approach abutment construction 

will be discussed later in the thesis.    
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Abutment for CD-
Line and Test Pile 

SR-201 

Redwood Road 

N N
 

Figure 3-2 Aerial Photo of Redwood Road and SR-201 Site before Construction with Location of Test 
Pile (USGS, 2003) 

Geotechnical borings were performed by three separate firms, namely; 

Kleinfelder Consultants Inc. (hereafter referred to as Kleinfelder), RB&G Engineering 

(hereafter referred to as RB&G) and AMEC Earth and Environmental (hereafter referred 

to as AMEC).    

In total, 11 borings were performed and three cone penetrometer tests (CPT) were 

completed.  A location map of the area with the locations of the borings and CPT 
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soundings is shown in Figure 3-3.  Following construction, an additional boring was 

performed by RBG to obtain samples for unconfined compression tests.   
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Figure 3-3 Redwood Road Site Geotechnical Boring Site Map 
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3.1.1 Laboratory Testing 

Laboratory testing for this site consisted of determinations of gradation, Atterberg 

limits, undrained shear strength and consolidation parameters. 

3.1.1.1 Soil Profile 

Borehole data show a fairly consistent pattern of soil layering throughout the area.  

From the surface to a depth of about 50 feet, the soil profile consists of alternating layers 

of lean clay (CL) and silty sand (SM).  There are occasional relatively thin layers (1 – 2 

feet thick) of lean to fat clays (CL/CH).  These alternating layers are underlain by a silty 

sand layer at approximately 50 feet below the original ground surface.  A total of six 

boreholes were completed on the north side of the project, relatively close to the test pile, 

with the three boreholes in the northeast section being situated closest to the test pile as 

shown in Figure 3-3.  The three northeast boreholes consist of boreholes B-4, DH#04-5 

and B-35.  Borehole B-4, completed by AMEC and shown in Figure 3-4, was completed 

to a depth of 76 feet.  Borehole DH#04-5, completed by RB&G and shown in Figure 3-5 

was drilled to a depth of nearly 50 feet.  Borehole B-35, completed by Kleinfelder and 

shown in Figure 3-6, was bored to a depth of 81 feet.  The piles extend to a depth of 54 to 

55 feet below the original ground surface (ground surface varied slightly between 

borings), thereby resting on the silty sand layer, reaching an elevation (El.) of 4183 feet 

(since all elevations are given in feet, the unit will no longer be indicated). 
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Figure 3-4 Borelog for Borehole B-4 Completed by AMEC for Redwood Road and SR-201 
(continued on next page) 
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Figure 3-4 Borelog for Borehole B-4 Completed by AMEC for Redwood Road and SR-201 
(continued from previous page) 
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Figure 3-4 Borelog for Borehole B-4 Completed by AMEC for Redwood Road and SR-201 
(continued from previous page) 
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Figure 3-5 Borelog for Borehole DH#04-5 Completed by RB&G for Redwood Road and SR-201 

 53



 

 

Figure 3-6 Borelog for Borehole B-35 Completed by Kleinfelder for Redwood Road and SR-201 
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In boring B-4 another lean clay layer was found below the silty sand layer from 

63 – 69 feet below the ground surface, but this is the only borehole reporting such a layer.  

The water table ranged in depth from 8 to 11 feet below the original ground surface.   

Boreholes located on the northwest corner, B-1, DH#04-1 and DH#04-2, were 

completed to depths of 76.5, 52.5 and 54 feet respectively.  Data from these boreholes are 

consistent with soil profile seen in the northeast corner boreholes.  Borelogs for these 

boreholes are found as Figure A-1, Figure A-2 and Figure A-3 in the Appendix.   

3.1.1.2 Gradation of Samples 

Gradation tests for the various samples were performed by RB&G Engineering.  

Only boreholes DH#04-1, 2 and 5 will be discussed from this point on because of their 

proximity to the test pile.  The tests show that those soils classified as silty sands (SM) 

having an average of 73% sand and 27% fines.  Those soils classified as sandy silts (ML) 

average 36% sand and 64% fines.  The remaining gradation tests were completed on lean 

clays (CL) and poorly graded silty sand (SP-SM).  Gradation values for the lean clays 

averaged 11% sand and 89% fines.  The gradation for the poorly graded silty sands shows 

87% sand; 5% gravel and 8% fines.   

3.1.1.3 Atterberg Limit Tests 

A total of ten Atterberg limit tests were completed by the three companies for this 

site for boreholes positioned relatively close to the test pile.  A summary of these results 

is shown in Table 3-1. 
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Table 3-1 Atterberg Limit Test Results for Redwood Road & SR-201 Site 

Company Borehole Depth 
Interval 

(ft) 

USCS 
Soil 
Type 

Liquid 
Limit 
(%) 

Plastic 
Limit 
(%) 

Plasticity 
Index 
(%) 

RB&G DH#04-1 22.5 – 24 CL-ML 25 20 5 
RB&G DH#04-1 32.5 – 33.25 CL 32 23 9 
RB&G DH#04-2 15 – 16.5 ML 27 23 4 
RB&G DH#04-2 24 – 25.5 CL 30 22 8 
RB&G DH#04-5 25.5 – 26.25 CL 44 23 21 
AMEC B-1 10 – 11.5 CL 34 20 14 
AMEC B-4 14 – 15.5 CL 29 20 9 

Kleinfelder B-35 9 -11 CL-ML 26 19 7 
Kleinfelder B-35 33 – 35 CL 46 26 20 
Kleinfelder B-35 38 – 39.5 CL 34 20 14 

Average for All Tests ------ ----- 32.7 21.6 11.1 
 

The plastic limit remains fairly constant for all of the samples with an average 

value of about 22.  The plasticity index ranged from 5 to 21 with an average of 11, while 

the liquid limit ranged from 25 to 44 with an average of about 33.  Figure 3-7 shows a 

comparison of the test results for all the Atterberg limit tests done for this site plotted on 

a plasticity index chart.  The tests shown as being done by UDOT were completed for an 

earlier construction project at this site in the 1960’s.  As can be seen in Figure 3-7, most 

of the test results plot just above the “A” line in the lean clay region, with occasional tests 

plotting in the silt-clay or silt regions.  In the general USCS plasticity index chart, the 

sub-regions for CL-1 and CL-2 do not exist.  These have been created to enable a 

comparison with the plasticity index chart supplied for the Airport site that will be 

discussed subsequently. 
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Figure 3-7 Plasticity Chart Showing Identification of Cohesive Soils for Redwood Road Project 
(modified from AMEC Memorandom No. 20.1) 

3.1.1.4 Vane Shear Strength 

A total of five vane shear tests were completed in the laboratory by AMEC for 

boreholes B-1 and B-4.  Two were taken from borehole B-1 and the other three from 

borehole B-4.  Measured undrained shear strength ranges from a maximum of 4225 psf to 

a minimum 1438 psf.  However the maximum value is located above the water table only 

four feet from the surface and consists of sandy silt and silty sand.  Therefore, this test 

has been ignored.  The undrained strength of the lean clays tends to range from 1500 to 

1800 psf.  Plots of the vane shear strength results versus depth are provided for both 

boreholes in Figure 3-8.  This figure also shows the stratigraphy for each borehole with 

the original ground surface at a depth of zero feet.  For more details, refer to Error! 

Reference source not found. for the information on borehole B-4 and the appendix for 

information on borehole B-1. 
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Figure 3-8 Undrained Shear Strength Profile vs. Depth Based on Laboratory Vane Shear Tests for 
Boreholes B-1 and B-4 Completed by AMEC for Redwood Road and SR-201 

3.1.1.5 Consolidation Testing 

Consolidation tests were performed on samples retrieved by AMEC from 

boreholes B-1 and B-4.  Test results are shown in Table 3-2 and the consolidation curves 

are included in Figure A-4 of the Appendix.  Tests completed in other boreholes tend to 

be closer to the results from borehole B-4.  From engineering analyses for this site, it was 

predicted that nine inches of consolidation settlement would take place near the piles 

because of the embankment placement.  These analyses were based on induced stresses 

computed using elastic theory. 
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Table 3-2 Soil Characteristic Data for Samples from Boreholes B-1 & B-4 by AMEC for Redwood 
Road & SR-201 Site 

Atterberg Limits 
Borehole Depth 

ft 
USCS 

Classification

Water 
Content 

% 

Measured 
Dry Unit 
Weight 

pcf 
LL PL PI 

B-1 10 CL 25.9 91.1 34 50 14 
B-4 15 CL 31.6 86.7 29 20 9 

 

Table 3-3 Consolidation Test Data from Samples from Boreholes B-1 & B-4 by AMEC for Redwood 
Road & SR-201 Site 

Borehole Depth 
ft 

Initial 
Void 
Ratio 

σ’v 
psf 

σ’o 
psf 

Compression 
Ratio 

% 

Recompression 
Ratio 

% 
B-1 10 0.85 886.9 6400 0.16 0.009 
B-4 15 0.94 1152.5 4000 0.095 0.008 

 

3.1.2 In-Situ Testing 

In-situ tests were completed at this site by all three firms during their field 

investigations.  These tests include standard penetration testing (SPT), cone penetrometer 

testing (CPT) and torvane tests. 

3.1.2.1 Standard Penetration Testing (SPT) 

Sufficient SPT testing was completed to obtain a fairly good representation of the 

soil profile.  All values of SPT tests display the uncorrected SPT value.  SPT testing 

performed in the lean clays gave SPT values ranging from 2 to 7, while the upper sandy 

silt layers often had N values of 20 to 40.  The base silty sand layer at the bottom of most 

of the boreholes yielded very high values, up to 126, showing the compact nature of the 
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underlying silty sand layer.  Figure 3-9 shows a comparison plot of the uncorrected SPT 

N values versus elevation for the three boreholes nearest to the test pile location.   
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Figure 3-9 Uncorrected SPT Blowcount Comparison for Boreholes Nearest to Test Pile Location 
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3.1.2.2 Cone Penetrometer Testing (CPT) 

Three CPT soundings were performed at the site.  Only one CPT sounding (CPT-

36) was completed near the test pile location and this sounding will be used primarily in 

the assessment of soil conditions at the site.  In the cohesive zone within the upper 38 feet 

of the profile, cone tip resistance values were typically 10 to 25 tsf for the upper 38 feet 

of the profile with the exception of occasional spikes when sand and gravel layers were 

encountered.  One such location is near the surface which exhibited a tip resistance of 

320 to 450 tsf.  Between El. 4220 and 4210 (approximately 20 to 30 feet below ground 

surface) the tip resistance occasionally spiked to values ranging from 100 to 300 tsf.  

Below El. 4200 (approximately 40 feet below ground surface), tip resistance began to 

increase to approximately 250 tsf by El. 4190 and then, for most depth intervals, 

remained at approximately 350 to 400 tsf with occasional drops.  At approximately El. 

4130, tip resistance dropped to approximately 50 tsf for about 10 feet and then began to 

climb back up.  Figure 3-10 shows the values of cone tip resistance, sleeve friction, 

friction ratio, pore pressure and interpreted soil profile for the CPT sounding. 

3.1.2.3 Torvane Tests 

Torvane tests were performed on undisturbed samples obtained from boreholes 

performed by RB&G Engineering.  Results from DH#04-1 and DH#04-5, shown in 

Figure 3-11 indicate undrained strength values greater than 0.50 tsf for the first 15 feet, 

but then decrease to below 0.25 tsf until 33 feet below the ground surface.  Below 33 feet 

the torvane values tend to increase again to over 0.50 tsf with a few scattered points 

located at various depths.  This data shows the existence of an overconsolidated surface 

crust due to dessication of the near surface soils. 
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Figure 3-10 Log of CPT Sounding for CPT-36 at Redwood Road and SR-201 Site 
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Figure 3-10 Log of CPT Sounding for CPT-36 at Redwood Road and SR-201 Site (continued) 
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Figure 3-10 Log of CPT Sounding for CPT-36 at Redwood Road and SR-201 Site (continued) 
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Figure 3-11 Undrained Shear Strength Values from Torvane, Unconfined Compression and Vane 
Shear Tests for Boreholes Near Test Pile Location 

3.2 Site Characterization of Salt Lake City International Airport Site 

The second site, located at the Salt Lake City International Airport, which will be 

referred to as the SLCIA site hereafter in this thesis.  The test pile is located south of the 

main airport complex as shown in Figure 3-12, which is an aerial photo showing the 

airport and the tests site as it was before this stage of construction began.   
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Figure 3-12 Aerial Photo of SLCIA Site before Construction with Location of Test Pile (USGS, 2003) 

A total of six boreholes were completed by RB&G Engineering for the 

characterization of the soil profile for this project.  Three of the six boreholes were 

relatively shallow (only 52 feet deep) and the other three reached depths over 100 feet.  

Two of the three deep boreholes were located at the each of the bridge abutments and the 

third was located at the center support, to provide soil properties for the pile design.  The 
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layout of the boreholes can be seen in the scanned image from the geotechnical report 

from RB&G Engineering shown in Figure 3-13.  The three deep borings are 03-NB-03, 

04 and 05. 

Approximate Location of Test Pile

  

Figure 3-13 Borehole Locations for SLCIA Site 
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3.2.1 Soil Profile 

The soil profile consists primarily of alternating layers, approximately 5 feet 

thick, of lean clay (CL) and silty sand (SM) to a depth of approximately 31 feet.  Below 

this depth the layers continue to alternate, but become thicker.  A fence diagram supplied 

by RB&G Engineering, shown in Figure 3-14, demonstrates the layering of the soil 

profile.  The fence diagram is only shown here to give an overview of the soil profile.  

Individual borelogs are included as Figure A-5, Figure A-6 and Figure A-7 in the 

Appendix which allow for easier access to individual test data.  The borelog on the far 

left is for borehole 03-NB-1, and increases to the right with the rightmost borelog being 

for borehole 03-NB-6.  Borehole 03-NB-5 is located nearest to the site with the 

instrumented pile, and is thus best to indicate soil conditions surrounding the test pile.  

The borelog for borehole 03-NB-5 is shown in Figure 3-15.  Various laboratory and in-

situ tests were completed at these boreholes and will be discussed subsequently.   

3.2.2 Laboratory Tests 

The laboratory tests performed on samples taken from the boreholes for this site 

included gradation tests, Atterberg limit tests, consolidation tests and unconfined 

compression tests. 

3.2.2.1 Gradation Tests 

For the non-plastic samples, gradation testing shows the absence of gravel and, in 

most cases, quantities of sand in excess of 50%.  It is common to see ratios of about 2/3 

sand and 1/3 fines.  Table 3-4 contains a breakdown of the grain size distribution found 

for the samples from boreholes 03-NB-3, 4 and 5.   
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Figure 3-14 Fence Diagram of Borehole Logs Near Test Site 



 

Figure 3-15 Borelog of Borehole 03-NB-5 for SLCIA Site (continued on next page) 
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Figure 3-15 Borelog of Borehole 03-NB-5 for SLCIA Site (continued from previous page) 
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3.2.2.2 Atterberg Limits 

The plasticity index (PI) in the cohesive soils varied from 2 to 39 in the samples 

taken from boreholes 03-NB-3, 4 and 5.  The average PI for the samples is 18 with a 

median of 19.  Liquid limits varied from 25 to 69 and plastic limits varied from 18 to 30.  

Table 3-5 contains a summary of the Atterberg limits from the samples taken.  The 

majority of the samples fall in the CL-2 (above the “A” line and PI > 15) range indicating 

high liquid limits and plasticity indices.  Figure 3-16 shows the test results plotted on a 

plasticity chart. 

Table 3-4 Summary of Gradation from Boreholes 03-NB-3, 4 and 5 for SLCIA Site 

Borehole 
ID 

Depth Below 
Ground Surface 

(feet) 

Percent 
Gravel 

Percent 
Sand 

Percent 
Silt & Clay 

03-NB-3 30 - 31.5 0 39 61 
03-NB-3 66 - 67.5 0 78 22 
03-NB-3 83.5 - 85 0 88 12 
03-NB-4 30 - 31.5 0 71 29 
03-NB-4 45 - 46.5 0 46 52 
03-NB-4 53.5 - 55 0 81 19 
03-NB-5 13.5 - 15 0 59 41 
03-NB-5 30 - 31.5 0 71 29 
03-NB-5 44 - 45.5 0 93 7 
03-NB-5 73.5 - 75 0 89 11 

 

3.2.2.3 Consolidation Tests 

In total, five consolidation tests were performed on the samples from the 

aforementioned boreholes, of which two were completed for samples from borehole 03-

NB-3 and the other three from 03-NB-5.  The average initial void ratio (eo) was 0.969 for 

the two boreholes.  The compression index (Cc) averaged out at 0.333 (compression ratio 
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of 0.165) and the recompression index (Cr) averaged out at 0.037 (recompression ration 

of 0.019).   

Overconsolidation ratios (OCR) were large near the surface (from 5.2 to 15.5) but 

decreased to between 1 and 2 at greater depths.  A summary of the results for these tests 

is shown in Table 3-6 and available consolidation test data curves are included in the 

Appendix in Figure A-8 through Figure A-33.  A plot of the preconsolidation pressure 

and vertical effective stress versus depth (and elevation) is shown in Figure 3-17.  

Average values for OCR and the preconsolidation pressure are not included because the 

value from the first depth in borehole 03-NB-3 misrepresents the remaining values.   

Table 3-5 Summary of Atterberg Limit Data for Boreholes 03-NB-3, 4 and 5 from SLCIA Site 

Borehole ID 
Depth Below 

Ground Surface 
(feet) 

USCS 
Soil 
Type 

Liquid 
Limit 
(%) 

Plastic 
Limit 
(%) 

Plasticity 
Index 
(%) 

03-NB-3 3 - 4.5 CL-2 45 22 23 
03-NB-3 6 - 7.5 CL-2 49 22 27 
03-NB-3 12 - 13.5 CL-2 40 22 18 
03-NB-3 23 - 24.5 CL-2 47 25 22 
03-NB-3 40 - 41.5 CL-2 43 24 19 
03-NB-4 6 - 7.5 CL-2 44 23 21 
03-NB-4 21 - 22.5 CH 69 30 39 
03-NB-4 62.5 - 64 CL-2 39 20 19 
03-NB-4 93.5 - 95 CL-1 29 18 11 
03-NB-5 3 - 4.5 CL-ML 25 20 5 
03-NB-5 15 - 16.5 CL-1 34 20 14 
03-NB-5 21 - 22.5 CL-2 45 24 21 
03-NB-5 35 - 36.5 CL-2 37 21 16 
03-NB-5 87.5 - 90 ML 27 25 2 
Averages -------- ------ 40.9 22.6 18.4 
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Figure 3-16 Plasticity Chart Showing Identification of Cohesive Soils for SLCIA Site 

Table 3-6 Summary of Consolidation Test Values for Boreholes 03-NB-3 and 5 from SLCIA Site 

Borehole 
ID 

Depth 
Below 
Surface 

(ft) 

Initial 
Void 
Ratio 
(eo) 

Comp. 
Index 
(Cc) 

Recomp. 
Index 
(Cr) 

Overcon-
solidation 

Ratio 
(OCR) 

Preconsol. 
Pressure 

(psf) 

03-NB-3 3 – 4 0.590 0.235 0.018 15.5 6,800 
03-NB-5 3 – 4.5 0.716 0.174 0.012 5.2 2,100 
03-NB-3 12 – 13.5 1.294 0.522 0.085 1.02 1,140 
03-NB-5 21 – 22.5 1.290 0.433 0.045 1.7 2,200 
03-NB-5 35 – 36.5 0.953 0.302 0.025 1.8 3,600 
Average ------- 0.969 0.333 0.037 ------- ------- 
 

Engineering analyses based on the consolidation testing indicate that between 8.5 

and 9.0 inches of consolidation settlement will occur at the face of the MSE wall along 

the side of the abutment near the piles.  This settlement results from consolidation of the 
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cohesive soils in the upper 40 feet of the profile due to the construction of the 27 ft high 

approach fill at this site. 
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Figure 3-17 Plot of Preconsolidation Pressure and Vertical Effective Stress vs. Elevation and Depth 
for Borehole 03-NB-5 

 75



3.2.2.4 Unconfined Compression Tests 

The unconfined compression tests are especially useful for this research.  In past 

full scale tests, the negative skin friction has been approximately equal to the undrained 

shear strength, which can be gained from the unconfined compression test.  The values 

for the unconfined compression tests on the four boreholes vary widely, from 320 to 3786 

psf.  Values above 3000 psf only occur below 40 feet.  In general, the values tend to 

increase with depth below about 40 feet.  Table 3-7 contains a summary of the 

unconfined compressive strength values from the tests completed on samples from 

boreholes 03-NB-3 through 03-NB-6.  Figure 3-18 shows a plot of the strength values as 

a function of elevation and depth.       

Table 3-7 Unconfined Compressive Strengths from Tests for Boreholes 03-NB-3, 4, & 5 at SLCIA 
Site 

Borehole ID 
Depth 

Interval 
(ft) 

Representative 
Elevation 

(ft) 

Unconfined 
Compressive Strength 

(psf) 
03-NB-3 3 - 4.5 4217.65 1549 
03-NB-5 3 - 4.5 4214.95 747 
03-NB-3 6 - 7.5 4214.65 674 
03-NB-4 6 - 7.5 4213.95 880 
03-NB-3 12 - 13.5 4208.65 320 
03-NB-6 18 – 19.5 4198.95 975 
03-NB-4 21 - 22.5 4198.95 1377 
03-NB-3 23 - 24.5 4197.65 959 
03-NB-5 21 - 22.5 4196.95 1055 
03-NB-6 27 – 28.5 4189.95 1568 
03-NB-5 35 - 36.5 4182.95 1794 
03-NB-3 40 - 41.5 4180.65 3527 
03-NB-4 62.5 - 64 4157.45 3786 
03-NB-5 87.5 - 89 4130.45 3672 
03-NB-4 93.5 - 95 4126.45 2457 
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Figure 3-18 Plot of Unconfined Compressive Strength vs. Elevation and Depth for Boreholes 03-NB-
3, 4, & 5 at SLCIA Site 

3.2.3 In-Situ Testing 

Various in-situ tests were performed during the investigation by RB&G 

Engineering.  These tests include SPT and torvane tests.   
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3.2.3.1 Standard Penetration Testing (SPT) 

An automatic hammer with an efficiency of 75% was used for the SPT sampling 

in these boreholes.  The field SPT values have been multiplied by a factor of 1.25 to 

obtain the N60 blowcount.  The SPT values demonstrate the existence of a hard bearing 

layer at an elevation of approximately 4180 feet (close to 42 feet below the ground 

surface).  After passing the fill near the surface, average SPT N60 blowcounts range from 

6 to 9 with the upper cohesive layer until the bearing surface at 42 feet is reached.  Below 

this depth, the average N60 value in the sand layers increases to as much as 80, although 

the blowcounts in the thin cohesive layer is considerably lower.  Maximum N60 values of 

80 were reached in Borehole 03-NB-5 at depths of 69 and 74 feet.  Figure 3-19 shows a 

comparison of the SPT N60 blowcount values for the boreholes 03-NB-3 – 6. 

3.2.3.2 Torvane Tests 

The torvane tests completed in the boreholes show widely varying results.  The 

results indicate that overconsolidation near the crust decreases soil strength.  The soil 

gains strength with depth as shown by most of the tests done below a depth of 60 feet 

yielding values above 0.90 tsf.  Figure 3-20 shows a plot of the undrained shear strengths 

of the soil with the torvane and unconfined compression strength values gathered from 

boreholes 03-NB-3, 4, 5 & 6.   

3.3 Summary of Geotechnical Investigation 

Geotechnical investigation information for each site has been presented in the 

previous sections.  The conditions at each site can be summarized as follows. 
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Figure 3-19 SPT N60 Blowcount Values vs. Elevation for Boreholes 03-NB-3, 4, 5 & 6 for SLCIA Site 
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Figure 3-20 Undrained Shear Strength Values from Torvane and Unconfined Compression Tests for 
Borehole 03-NB-3, 4, 5 & 6 from SLCIA Site 
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3.3.1 Summary of Redwood Road Site Geotechnical Investigation 

Primary information for the geotechnical investigation is taken from boreholes B-

4, B-35, and DH#04-1, 2 & 5.  Boreholes B-4 and B-35 are closest to the test pile 

location.  The soil profile of the site located at Redwood Road and SR-201 consists 

primarily of alternating layers of compressible lean clay and silty sand to a depth of about 

50 feet.  Layer thicknesses vary from a few inches to several feet.  A relatively dense 

sand bearing layer was encountered below a depth of 50 feet.  The pile foundations at this 

site were eventually driven into the dense sand layer to a depth of 54 to 55 feet. 

3.3.1.1 Laboratory and In-Situ Testing 

The Atterberg limits for the site give average values of 33 for the liquid limit, 22 

for plastic limit and 11 for the plasticity index.  However, values for the liquid limit and 

plasticity index are greatly influenced by two tests which yielded high values for each.  

Median values are 31, 21 and 9 for the liquid limit, plastic limit and plasticity index 

respectively.   

Undrained shear strength tests, including the vane shear tests performed in the 

laboratory by AMEC and the torvane tests performed in the field by RBG, show in 

general, that strength begins high (up to 4225 psf) and gradually decreases in the upper 

22 feet.  Strengths then tend to rebound and gain strength with depth.  Values ranged 

from 180 to 4225 psf for the boreholes close to the test pile.  Consolidation tests showed 

varying results for the compression ratio, but similar results for the recompression ratio.  

Engineering analyses indicated that consolidation settlement in the silt and clay layers 

above 50 feet would result in approximately nine inches of settlement due to construction 

of the 25 to 26 feet high approach fill and eight feet surchage. 
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The SPT data from the surrounding boreholes show the lean clays to have 

blowcounts less than 10 and the silty sands to have blowcounts ranging from 20 to 40.  

Blowcounts in the silty sand layer located about 50 feet below the surface yielded large 

values (over 100) showing the competency of this layer to serve as a bearing layer for the 

piles.  CPT data shows very low cone resistance (about 15 tsf), broken up by occasional 

spikes due to silty sand layers, until a depth of 40 feet below the ground surface.  In 

contrast, cone resistance averages approximately 300 tsf in the dense sand layer.  Figure 

3-21 shows a side-by-side comparison of the undrained shear values and the SPT test 

results. 

3.3.2 Summary of SLCIA Site Geotechnical Investigation 

The primary resource for information used in the preceding sections comes from 

boreholes 03-NB-3, 4 & 5.  Borehole 03-NB-5 is located closest to the test pile.  The soil 

profile at this site contains alternating layers of lean clays and silty sands.  These layers 

typically have a thickness of about 5 feet for the first 30 feet, then increase in thickness.  

The soils below a depth of 40 feet are considerably stiffer and stronger as indicated by the 

in-situ tests.  The piles for this abutment were eventually driven into a relatively dense 

sand layer to a total depth of 65 feet below the ground surface.  

3.3.2.1 Laboratory and In-Situ Testing 

The Atterberg limit tests for this site yield average values of 41 for the liquid 

limit, 23 for the plastic limit and 18 for the plasticity index.  Consolidation testing from 

various samples gives an average value for Cc value of 0.333 and an average Cr value of 

0.037.  Engineering analyses indicated that consolidation settlement in the silt and clay 
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layers above 40 feet would be between 8.5 and 9.0 inches due to construction of the 27-

foot high approach fill.   

Undrained shear strength tests, including unconfined compression and torvane 

tests, also show a general decrease in strength with depth for the upper 15 feet.  Below 

this dessicated crust, strengths generally increase with depth, especially below 40 feet.  

Values range from 20 to 3786 psf. 

The SPT testing done shows low blowcounts (below 10) for the first 40 feet, then 

increasing to an average value of 38 for the next 20 feet.  After this a thin, weak layer 

was encountered and then values climbed back up to a higher average of 49 down to a 

depth of 93 feet.  Figure 3-22 shows a side-by-side comparison of the preconsolidation 

pressure, vertical effective stress, undrained shear strength parameters (includes 

unconfined compression strength and torvane tests), and SPT N60 blowcount values for 

the SLCIA site. 
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Figure 3-21 Summary of Uncorrected SPT Blowcount and Undrained Shear Strength Values for Redwood Road & SR-201 Site 
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Figure 3-22 Summary of Consolidation Parameters, Undrained Shear Strength Parameters and SPT N60 Blowcount Values for SLCIA Site 
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4.0 Pile Instrumentation and Method of Analysis 

The pile instrumentation and the various methods of analyzing the acquired data 

will be set forth in this chapter.  Three different sites were instrumented to collect the 

desired data, but instrumentation at the first site experienced near total failure.  For this 

reason, no geotechnical site characterization was given for this site.  Lessons learned 

from the first experience led to improvements in the instrumentation method and 

generally led to successful instrumentation performance at the two subsequent sites.  The 

first site was located near Springville, Utah on the newly reconstructed overpass for SR-

75 over Interstate 15.  A different method was employed at this site which proved very 

unsuccessful.  The two sites currently in use and functioning properly are those located in 

Salt Lake City and the geotechnical characteristics of these sites were discussed in 

Chapter 3.  An explanation of the methods used to instrument all three sites and a 

discussion of the lessons learned are provided in this chapter. 

4.1 Instrumentation Procedure for Test Pile in Springville, UT 

The Springville project involved the instrumentation of a pile located in the east 

abutment of the new SR-75 overpass at I-15.  Forty-four piles in two rows were to be 

driven to support each abutment.  Each pile was to be approximately 130 feet in length 

and was to be installed by welding two lengths of pipe sections together.  Two different 
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methods were discussed for the installation of strain gauges.  The first method was to 

place the gauges on horizontal bars that could be lowered to the desired depth after the 

pile had been driven and then concrete would be used to keep the gauges in position.  The 

second option was to place the gauges on the outside of the pile and place a piece of 

angle iron to protect the gauges during driving.  The first method was ruled out because a 

way could not be readily found to place the gauges or to protect them as the concrete was 

poured in the pile.  Therefore, the second option was decided upon.  Gauges were 

installed at 10 different depths with two gauges at each depth placed on opposite sides of 

the pile from each other.  This placement would provide a way to account for potential 

bending and eccentricity. 

4.1.1 Gauge Type and Characteristics used at Springville, UT 

 Strain gauges were purchased from Geokon Inc., of Lebanon, NH, which 

specializes in geotechnical instrumentation.  The gauges used for this project were Model 

4000 vibrating wire strain gauges.  This model of gauge was used because the design 

allowed welding of end blocks onto the steel of the pipe pile to which the gauge could 

then be attached.  These gauges have a range of 3000 microstrain (με), a sensitivity of 1.0 

με and can work in environments from -20oC to 80oC.  Figure 4-1 shows a picture of the 

gauge as obtained from the Geokon Inc. website.  This gauge operates by the use of a 

vibrating wire and a “plucker.”  The wire is encased in the bar portion of the gauge and is 

attached at both ends and either tightens or slackens as the pile is compressed or put in 

tension, which in turn changes the resonant frequency of the vibrating wire.  The 

“plucker” plucks the wire by use of an electromagnetic coil, and the resonant frequency 

of the wire is determined.  The reading is sent through a signal cable to a readout box 

 88



which gives a reading in microstrain.  The amount of compression or tension can be 

found by comparing latter readings to the initial reading. 

 

End Blocks 

“Plucker” 

Gauge Bar 

Lead Wire 

 

Figure 4-1 Series 4000 Vibrating Wire Strain Gauge (from company website, www.geokon.com) 

4.1.2 Gauge Installation at Springville, UT 

The gauges were prepared for installation by using a spacer bar and a welding jig 

as shown in Figure 4-2.  The spacer bar is the same length as the gauge bars and the 

welding jig helps to position the end blocks at the right spacing and orientation. 

Two end blocks as seen in Figure 4-1 were placed on the ends of the spacing bar 

and tightened into place.  After this, the two end blocks were welded to the steel pile at 

predetermined locations as seen in Figure 4-3 (the black arrow on the pile is the location 

for the middle of the gauge bar which was measured previous to placement of the end 

blocks).  

 The strain gauge bar could then be slid through the openings and the gauge 

“plucker” placed on the bar and secured using a metal hose clamp.  The lead wire was 

then taped to the pile to keep it from being damaged during driving.   
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Figure 4-2 Spacing Bar and Welding Jig Provided to Assist in Correct Placement of End Blocks for 
Welding (from company website, www.geokon.com) 

 

Figure 4-3 End Block after being Welded to the Pile 

A completed assembly with wires from previous gauges joining with another 

gauge is shown in Figure 4-4.  Angle iron was placed over the wires and gauges and was 

then welded into place.  This completed the assembly for the bottom section of the pile.  

The upper section was done in the same way with only one exception.  To facilitate 
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bringing the wires from the top of the bottom section to the top of the second section of 

pile, a piece of PVC pipe was placed under the angle iron which would enable the wires 

to be pulled from the bottom half up through the upper section after the bottom section 

had been driven.   

 

Figure 4-4 Placement of Gauge and Wires along Pile 

After the bottom section was driven, the top section was welded on and a section 

of angle iron was also welded in the gap to cover the gauge wires.  To protect the wires 

while the gap pieces were welded on, a sealant was sprayed over the wires.  However, it 

was discovered after spraying that the sealant was flammable.  As much sealant was 

cleaned off as possible, but during the welding process a fire started under the angle iron.  

The fire was doused with water as soon as possible, but there was no way to view the 

possible damage to the wires.  The fit between the upper and lower angle irons was 

relatively good; however, small gaps were still present since it was not possible to weld 

them together without the potential for damaging the lead wires inside. 
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While the driving for the top section continued, wires were held away from the 

machinery as much as possible.  As the upper pile section was being driven, soil 

apparently worked its way into the gaps between the angle iron fittings and began 

pushing the PVC pipe out of the angle iron.  By the time driving was complete the PVC 

pipe on both sides of the pile had moved upward about 10 to 15 feet.  It is not known if 

the pipe damaged any wires or gauges on its ascent out of the angle iron.  The ends of the 

PVC pipe were carefully cut off and removed.  During the driving an unforeseen difficult 

layer was encountered at about 110 feet below the surface.  From the soil borelogs, the 

layer should not have exhibited the resistance manifested, but while driving through this 

zone, the penetration resistance was at least 50 blows/foot.  During this period of heavy 

driving, it was observed that the welds attaching the angle iron to the pile were cracking 

in various locations.  As noted in this section, a number of the problems discussed above 

could have led to problems with the strain gauges.  These problems could have been 

caused by a single factor or be the result of a combination of factors. 

The pile driving was completed on 5 April 2005.  After the entire installation was 

completed, the wires were run through pipes to maneuver them out of the way of the 

construction for the pile cap.  After connecting the gauges to the data logging system the 

next day, only 12 of the 20 gauges were transmitting temperature measurements and only 

three were transmitting strain measurements.  Five days later only ten gauges were 

reading temperature and three were reading strain.  Five more days later only three 

gauges were giving temperature measurements and no strain readings were given.  

Performance such as this was insufficient for measuring the development of downdrag 

forces, thus the wires were disconnected and the installation abandoned. 
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4.1.3 Lessons Learned from Springville Installation 

The failure of the installation at the Springville site is not believed to be a result of 

any defect in the gauges secured from Geokon Inc.  Rather, the method of installation 

was riddled with mistakes because of inexperience and unforeseeable problems.  

Although this approach could likely be used successfully in the future, additional 

precautions must be taken to avoid similar results.  Based on the experience at the 

Springville site, the following recommendations are provided for future installations of a 

similar nature.   

• Verify, to the extent possible, that soil around pile installation will not exhibit 

excessive resistance, with the exception of the bearing layer. 

• Weld all angle iron connections continuously to prevent intrusion from 

surrounding soil. 

• Protect wires from heat while welding by coating in non-flammable sealant or by 

placing them in a PVC pipe through the entire pile length. 

• Leave some slack for wires to avoid pinching and excessive pulling on the gauge 

“plucker.” 

4.2 Instrumentation Procedure for Test Sites in Salt Lake City, UT 

Both of the test piles at the Salt Lake City sites were instrumented using the same 

method which will only be described in this section.  After the failure encountered at the 

site near Springville, a different method was selected to install the gauges.  The gauges 

were lowered into the pile after driving had taken place using a series of pipes with the 

gauges attached at specific intervals to metal “stars” as described below.  This procedure 

 93



helped to eliminate potential damage during driving and allowed for more precise 

positioning of the gauges. 

4.2.1 Gauge Type and Characteristics  

For these test piles, a model 4200 vibrating wire strain gauge was selected.  This 

model is designed for embedment in concrete.  The basic operational characteristics are 

the same as in the model 4000 gauge.  Figure 4-5 show the strain bar and “plucker” used 

in these assemblies.  Vibrating wire strain gauges were selected for use rather than 

electrical resistance type strain gauges to avoid problems with drift over a period of 

months while measurements had to be made.  Vibrating wire gauges can maintain a 

constant zero strain value with the zero strain value tends to change with time for 

electrical resistance gauges. 

4.2.2 Installation Method  

The primary component of this installation is a piece of ¼ in. thick sheet metal cut 

in the shape of a “star”.  The metal star piece, shown in Figure 4-6, holds the gauges at a 

specified distance from each other and from the inside edge of the pile.  The star can be 

positioned at the desired depth on an inclinometer pipe which runs down the center of the 

pile to the bottom of the pile.  Each star can accommodate up to four strain gauges; 

however, for this project only two gauges were used at each depth.   

The vibrating wire gauges were attached to threaded bolts which in turn were 

attached to opposite sides of the star through pre-drilled holes.  The bolts were secured 

using a washer and nut on each side of the star.  The strain bars were attached using 

small, wooden blocks and bailing wire.  The wood blocks were placed on both ends of 
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the gauge bar between the bolt and the gauge bar.  The bailing wire was then wrapped 

around the three and tightened to keep the gauge bar secure.  The plucker was then 

attached to the bar with a hose clamp as shown in Figure 4-7.  The lead wire was then run 

along the edge of the star and up the pipe to the surface.   

 

Figure 4-5 Vibrating Wire Strain Gauge Model 4200 used for Installations in Salt Lake City, UT 

 

Figure 4-6 Metal Star used in Gauge Installation and Assembly for Salt Lake City, UT 
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The star assembly was slid onto the pipe being used.  Inclinometer pipe was used 

in these installations and has worked very well because of its durability and flexibility.  In 

order to have the star securely fastened to the pipe, two wooden blocks were cut with an 

inner diameter just slightly larger than the pipe and were fastened to either side of the star 

with two bolts.  The wood blocks were then fastened to the pipe using hose clamps.  

Figure 4-7 shows the entire assembly fixed onto its predetermined location of the pipe.  

To install the completed pipe segments in the pile two different methods were 

utilized.  Installation at Redwood Road was done without any equipment.  Installation 

was accomplished by attaching sections of pipe together one at a time and manually 

lowering the assembly down the pile.  Steel bars were used to support the assembly as a 

new section was connected.  This method of installation is shown in Figure 4-8.   

 

Figure 4-7 Completed Assembly of Star and Gauges Attached to Inclinometer Pipe for Installation 

Although this method does not require more than a simple ladder, it is a more 

time intensive installation and is harder to work with the lead wires.  As the sections are 
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lowered into the pile, the wires were attached to the side of the pipe using duct tape to 

protect them from damage due to falling concrete.  Note that when the sections are 

lowered that the gauges are below the star.  This allows protection for the gauges when 

the concrete is poured.  Ideally, the aggregate in the concrete will hit the metal star and 

ricochet off; not directly hitting the gauges.   

 

Figure 4-8 Installing Pipe Sections One at a Time at Redwood Road and SR-201 (author photo) 

The other way to install the sections is to have a crane, concrete pump truck or 

forklift available.  Using one of these machines, the sections can be put together on the 

ground and the wires can be taped to the pipe while still on the ground which saves a 

great deal of time.  Up to four sections (40 ft length) can be connected without breaking 

the pipes as they are lifted up.  After the first combined section is lowered down, the next 
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combined section of pipes can be connected and the wires from the bottom gauges can be 

taped to the pipe.  Figure 4-9 shows an installation done in Sacramento, CA using a 

forklift.  The installation done in Sacramento is not part of this project, but was 

performed using the same method for three piles at that site.   

When concrete is poured, the tremie should be directed as much away from the 

gauges as possible, but as indicated previously, most aggregate should not hit the gauges 

directly during free-fall because the gauges are beneath the star.  The gauges can be 

oriented to whichever direction is desired for the data collection process.  

 

Figure 4-9 Installing Multiple Sections using Forklift in Sacramento, CA (author photo) 
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4.3 Data Logging Equipment Used on Sites 

The data acquisition equipment used to collect the data is manufactured by 

Campbell Scientific Inc., with headquarters in Logan, UT.  A CR10X model was being 

used to collect data at specified periods of time.  The CR10X model is capable of 

collecting 62,000 points of data before it begins to write over the previous information.  

Communication with the data logger is achieved through a computer program named 

Loggernet, also created by Campbell Scientific Inc.  With Loggernet, the user is able to 

download data from the data logger and update the program stored in the data logger.   

Lead wires are connected to the data logger with the help of three additional 

components.  The first is called a multiplexer.  Up to 16 gauges can be connected to the 

multiplexer, with any additional gauges being connected to the second device.  The 

second device is an AVW1 connector.  This part serves to allow expansion in the number 

of gauges that can be hooked up to a single data logger.  The last device is the battery 

which powers the data logger.  The battery can be backed up by a solar panel if long term 

testing is desired as was the case for these installations.  The entire assembly is shown in 

Figure 4-10.  The assembly has been placed in a steel box to keep water out and to 

provide protection to the equipment.  The box can be moved to any place that is out of 

the way of the construction process so consistent long term monitoring can occur.  

For this study, the data logger was programmed to take readings from each gauge 

every minute and to store a reading every hour on the hour.  For the quantity of gauges 

being used approximately 1300 readings can be taken.  This amounts to about 55 days of 

continual data storage without the need for downloading.  Of course, this length of time 

depends upon the number of gauges installed and being monitored, and decreases it as 
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more gauges are attached.  Data is preserved by downloading the current data before the 

capacity is exceeded and the previous data is overwritten. 

 

Figure 4-10 Data Logger with other Components and Wires Attached 

4.4 Analysis Methods of Collected Data 

After being downloaded, the data may be analyzed to find the trends in strain 

occurring in the pile.  For each pile, a strain gauge is located on the east and west side at 

all depths.  Strain readings are obtained from the data logger and can be compared to the 

initial reading taken shortly after installation.   

These readings are corrected for the difference in expansion rate for concrete and 

steel and also for temperature.  Equations are supplied by Geokon Inc. to correct these 

differences and to calculate the actual load-related strain, which can be used to calculate 

load and stress for the pile at those depths. 
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To determine the stress and load in the pile at a gauge location, Equation 4-1 and 

Equation 4-2 are used respectively.  Equations 4-3, 4-4 and 4-5 are provided to supply the 

terms used in Equations 4-1 and 4-2. 

compEεσ =  (4-1) 

compAEP )(ε=  (4-2) 

SteelConcretecomp EEE +=  (4-3) 

SteelSteelConcreteConcretecomp EAEAAE +=)(  (4-4) 

'000,57 cConcrete fE =  (4-5) 

In the preceding equations, σ is the stress in the pile (psf or kN/m2), ε is the strain 

measured from the gauge (dimensionless), E is the Modulus of Elasticity of concrete, 

steel or the composite (psi or kN/m2), P is the load in the pile (lbs or kN), A is the cross-

sectional area for the concrete or steel (in2 or m2) and f’c is the compressive strength of 

the concrete (must be in units of psi). 

Stress and load for each gauge are computed in accordance to Equations 4-1 and 

4-2 and are plotted with respect to depth and time.  These plots, especially the load plot, 

are used to determine the neutral plane for the pile-soil system.  The neutral plane is 

located in the vicinity when the load peaks and then drops off.  This phenomenon will be 

seen later in the discussion of the results.   
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Also calculated from these strain measurements is the unit skin friction (or shear 

stress) along the length of pile.  Based on previous research described in the literature 

review, the unit side resistance on the pile can be estimated using either the total stress 

method (α method) or the effective stress method (β method).  For the total stress 

method, the unit shear stress should approach a value approximately equal to the 

undrained shear strength multiplied by the α value for the soil and then begin to plateau.  

This plateau-like behavior can be seen by plotting the unit side resistance for each pile 

segment over time.  The unit side resistance has been computed by two different 

methods, namely, the double segment method and the single segment method.  These 

names are the creation of the author.  Each method will be described in more detail in 

subsequent sections.   

4.4.1 The Double Segment Method for Calculating Unit Side Resistance 

The double segment method uses the length of pile that spans the distance 

between three gauges.  Each segment is the length between two gauges.  Figure 4-11 

shows the various terms used in calculating the unit shear stress.  The values E1, E2 and 

E3 are the elevations of the gauges for the two segments being considered.  The values P1, 

P2 and P3 are the corresponding load values, calculated previously for the pile at their 

respective gauge elevation using Equation 4-2.  

Equations 4-6 and 4-7 compute the elevations of the midpoints of each section 

while Equations 4-8 and 4-9 compute the average load for the top and bottom segments 

respectively. 
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Figure 4-11 Depiction of Double Segment Method for Calculating Unit Skin Friction 
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The distance (ΔL) between the two midpoints found in Equations 4-6 and 4-7 is 

found using Equation 4-10 and the change in load (ΔP) between the midpoints is found in 

Equation 4-11. 
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21 avgavg EEL −=Δ  (4-10) 

21 avgavg PPP −=Δ  (4-11) 

After ΔL and ΔP are known, the unit side resistance (τ) between the two 

midpoints can be calculated using Equation 4-12. 

LD
P
Δ

Δ
=

π
τ  (4-12) 

where D is the outer diameter of the pile.  The double segment method works for all 

places along the pile except for the two segments above and below the neutral plane.  

Due to the change in direction of the load curve, the change in load could be positive or 

negative, resulting in an oscillating plot of shear stress over time. 

4.4.2 The Single Segment Method for Calculating Unit Side Resistance 

The single segment method is very similar to the double segment method, but as 

indicated by the name, only uses two gauges and one segment.  Figure 4-12 shows a 

representation of the single segment method and parameters.  The following equations 

are used to calculate the shear stress by this method.  

With this approach, ΔL and ΔP are simply based on the values at the segment 

ends as defined in Equations 4-13 and 4-14 respectively.  The unit side resistance is then 

calculated using Equation 4-15 utilizing the values for ΔL and ΔP found for the single 

segment. 

 

 104



 

Figure 4-12 Depiction of Single Segment Method for Calculating Unit Skin Friction 

21 EEL −=Δ  (4-13) 

21 PPP −=Δ  (4-14) 

LD
P
Δ

Δ
=

π
τ  (4-15) 

This method does not have the same deficiency as the double segment method 

does with respect to the neutral plane.  Since this method only uses two end points, the 

change in load and elevation will both be represented accurately.  The shear stress values 

can also be plotted over time to determine their value relative to the undrained cohesion 

or frictional resistance of the soil.  The values for the two methods should yield similar, 

albeit not equal, results.   
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4.5 Calculating Pile Settlement 

Another parameter that can be calculated from the strain measurements is the 

settlement (compression) of the pile due to the loads induced by the surrounding soil 

settling and the structural load on the surface.  By calculating pile settlement, the neutral 

plane can be found.  By definition, the location of the neutral plane is the location where 

the pile and the soil settle at the same rate.  If the surrounding soil is being monitored for 

settlement, especially at various levels within the profile, the settlement of the soil and 

the settlement of the pile can be placed on the same plot.  The location where the two 

settlements are identical is the location of the neutral plane. 

Pile settlement can also be calculated by two different methods, yielding a good 

definition of the settlement at different locations.  The settlement can be calculated at the 

gauges or at the midpoint between gauges.  After calculating by both methods, the two 

sets of values should lie in the same line.  An explanation of each method will now be 

given.  In both methods, the strain, εi, is obtained directly from the strain gauge 

measurements and values calculated from both methods are used to produce a better 

looking curve. 

4.5.1 Method for Calculating Pile Settlement at Gauge Elevations 

The best way to demonstrate this method is by the use of Figure 4-13 which 

shows the various components that enter into the overall method.  The values Ei are the 

elevations of the individual gauges.  The values εi are the strain values for the gauges at 

their respective locations.  The three lengths identified as L0, L1 and L5 are used because 

they are located where the gauges are at either the top (L5) or bottom (L0 and L1) of the 

pile.   The other lengths are determined by subtracting the gauge elevation from the 
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midpoint of that gauge and the gauge above it or by subtracting the midpoint elevation of 

two gauges from the elevation of the top gauge.  Simply dividing the distance between 

two midpoints cannot be done unless the gauges are equally spaced, which is not the case 

for either pile being monitored.  The values for Δi represent the cumulative settlement 

(compression) of the pile at that elevation.  This settlement begins from the bottom of the 

pile and accumulates as the surface is approached.  The equations to compute the 

cumulative settlement for each location are shown in the equation to the right of the pile.  

4.5.2 Method for Calculating Pile Settlement at Midpoints between Two Gauges 

This method is very similar to the previously discussed method, but happens to be 

simpler.  The cause for greater simplicity is that since the lengths involved are distances 

between two gauges, this distance can be safely divided in two, no matter how the gauges 

are spaced.  In other words, the distance between two gauges does not change, but the 

distance between midpoints does change.  Figure 4-14 shows the setup for calculating 

settlement using this method.  Once again the equations are on the right of the drawing 

for easy visualization.   
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Figure 4-13 Depiction of Calculating Pile Compression at Gauge Elevations 
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Figure 4-14 Depiction of Calculating Pile Compression at Midpoint of Gauges 
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5.0 Results from Redwood Road and SR-201 Site 

To properly understand the data and conclusions obtained from an analysis of the 

raw strain gauge data, various details about the Redwood Road and SR 201 site (referred 

to as the Redwood Road site) need to be given.  This information includes:  abutment 

layout (configuration of abutment, pile placement, etc…), construction history, gauge 

depth placement and orientation, gauge installation details, gauge performance, and the 

settlement time history.  This information will enable a better understanding of the test 

results as they are presented in load versus depth, shear stress and settlement plots. 

5.1 Construction Site Details, Pile Layout and Construction Timeline 

5.1.1 Abutment Layout 

As previously mentioned in Section 3.1, the test pile is located in the east 

abutment for the CD-Line bridge.  The approach begins approximately 900 feet to the 

east of the abutment face at approximately original ground elevation and reaches a 

maximum fill height of approximately 25-26 feet at the pile locations.  The approach is 

bounded on both sides by MSE walls with the MSE wall on the south extending east of 

the abutment for approximately 323 feet and the MSE wall on the north extending east 

for about 781 feet.   
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The foundation system is comprised of seven piles spaced in a slightly irregular 

fashion ranging from 5’ 10 3/8” to 7’ ½” center-to-center.  The steel piles are 16-inch OD 

piles with a wall thickness of 0.5 inches driven closed-ended and the piles were filled 

with concrete.  A pile cap ranging in thickness from 5.0 feet to 6.54 feet was placed on 

the piles with a bottom El. of 4251.  The MSE wall which supports the abutment face is 

located approximately three feet beyond the western edge of the pile cap.  When fill 

operations were underway, the entire area around the piles and in between the cap and 

MSE wall was filled.  A general schematic drawing of the abutment and approach fill is 

shown in Figure 5-1.   

The pile cap was poured after the final surcharge fill had been placed, but before 

the surcharge had been removed.  This created a cause for concern with regards to 

settlement below the pile cap.  From a project memo numbered 25.6 written on 23 

Decemeber 2005 by AMEC, the following two items of information were stated.  First, 

the structural engineer for the project indicated that the piles had been designed for 

downdrag conditions and “some loss of soil support beneath the pile cap will not 

adversely affect the structural performance of the bridge.”  Second, AMEC engineers 

gave it as their opinion that although some settlement may be fine from a structural 

standpoint, the void space created by settlement could result in adverse differential 

settlement and therefore recommended that the voids be filled with cement/sand grout or 

flowable fill after the surcharge and subsequent settlement was complete.   
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5.2 Construction Timeline 

Five piles were driven at the east abutment prior to the driving of the remaining 

three piles (one test pile was not used in the final structure).  These piles were driven 

sometime in September or October 2004.   

A pile load test (performed in general accordance with ASTM D-1143) was 

conducted using these test piles on 22 – 23 October 2004.  These tests verified the design 

capacity of the piles for the project.  A maximum load of 780 kips was applied with a 

maximum pile settlement of 0.507 inches and a total permanent deflection of 0.087 

inches.  A plot of the load-deflection curve for the pile load test data is presented in 

Figure 5-2.  Although readings were taken at 800 kips, the pile load test report from 

AMEC states, “It is apparent from the shape of the load-deflection curve above 700 kips 

that the jacking system was unable to fully apply the 800 kip load.” 

The installation of strain gauges in the test pile took place on 22 March 2005, with 

the pile sticking up approximately 1.5 feet above ground.  Concrete was poured in the 

pile the following day.  The east abutment sat dormant for approximately three months 

while work progressed on the west abutment and other areas of the construction site.  In 

June 2005 the author received notification that an additional length of pile would be 

welded on the existing pile to bring it to the correct elevation for the structure, in 

preparation for fill placement for the abutment approach.  Before the additional pile 

length was added, the author with the help of other students from Brigham Young 

University welded a steel box onto the additional pile length to house the data logging 

equipment to keep it safe from construction activities.   
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Figure 5-1 Schematic of East Abutment and Approach Fill at Redwood Road and SR-201 Site 
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Figure 5-2 Reproduction of Pile Load Test Results for Test Pile at Redwood Road Site 

After the additional pile length was added (making a total pile length of 69 feet), 

the wires were run up the side of the added pipe length (protected by a piece of angle 

iron) and connected to the data logging equipment.  Readings were taken from this 

location until the pile cap was ready to be poured.  Concrete was placed in the added 

length of the test pile at a later date. 

Multiple parts of the structure contribute additional dead load on the pile.  The 

timeline for the various stages of the construction process is summarized in Table 5-1.  

The load columns include the weight of the concrete and reinforcing steel as calculated 

from the construction plans and checked against amounts used as supplied by the 

contractor.  The loads reported in Table 5-1 are those felt only by the test pile.  Loads for 

the approach slab were not included as the slab rests on the embankment and not on the 

piles.   
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The loads were calculated for the abutment and then multiplied by the tributary 

area based on the distance to the edge of the abutment and the nearest pile.  The tributary 

area is approximately equivalent to one-eighth of the total load for the abutment.  Even 

though the pile is on the edge, an equivalent area method as used gives a close 

approximate of the loads felt in the pile.  Some piles will “feel” different portions of the 

structural load in different magnitudes thus attempting to calculate the exact amount for 

the test pile is not considered necessary for this research, nor is it believed that it would 

influence the total load by a substantial amount. 

Table 5-1 Construction Timeline at Redwood Road and SR-201 Site 

Construction Item Date Placed 

Individual 
Applied Pile 

Load 
(kip) 

Cumulative 
Applied Pile 

Load 
(kip) 

Embankment Fill Jul ‘05 - Feb ‘06 ~ 25 ft high ------ 
Surcharge Fill 15 Feb 2006 8 ft high ------ 

Pile Cap 27 Feb 2006 17.8 17.8 
Girders 7 Mar 2006 18.4 36.2 
Deck 12 Apr 2006 52.7 88.9 

Wingwall C 4.6 93.5 
Wingwall D 

Between 12 Apr 
& 15 May 2006 3.4 96.9 

Surcharge Fill Removed 15 May 2006 ------ ------ 
Parapets (on deck) 16 May 2006 13.8 110.7 
Diaphragm Wall 17 May 2006 20.4 131.1 

Sleeper Slab 31 May 2006 3.4 134.5 
Approach Slab 8 Jun 2006 0.0 134.5 

Parapets (on abutment) 11 Jun 2006 3.9 138.4 
 

A discussion of the reaction of the pile to these major stages of construction will 

be given later in this chapter.   
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5.3 Gauge Information 

A summary of the information regarding the location of the gauges on the pile 

(i.e. the approximate elevation where it rests), their installation, working history and 

performance will be presented. 

5.3.1 Depth Placement 

The pile located at the Redwood Road and SR-201 site was instrumented with 16 

strain gauges.  The gauges were distributed along the length of the pile to define the 

distribution of load along the pile and identify the location of the neutral plane.  Gauges 

were also placed so as to monitor the unit side resistance within as many soil layers as 

possible.  Therefore, the gauges were usually placed near the interface of two layers, but 

this was not always possible due to the limited number of gauges.  Figure 5-3 shows a 

drawing with the locations of the strain gauges on the pile in relation to the soil profile 

from borehole B-35, which was initially used to determine the depths to place the gauges.  

It should be noted that the profile shown in Figure 5-3 is not identical to that given later 

in this chapter.  The final stratigraphy for this site, as shown in the load versus depth 

plots, was a product of the three closest borings and not only borehole B-35.  

5.3.2 Site Installation and Equipment History 

As indicated in Section 5.2 the installation was completed at this site on 22 March 

2005 with concrete being poured in the pile the next day.  This pile was also instrumented 

with rapid sensing gauges to be used in a statnamic load test.  The statnamic load test was 

completed on 4 April 2005 with three separate tests at progressively higher force levels.  
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The pile remained dormant for the next three months during construction activities 

elsewhere on site.   

Initial readings were taken on 15 June and 1 July 2005.  No readings were taken 

between these two dates.  The readings taken on 15 June were only to verify that all the 

gauges were working in proper order.  Consistent readings began on 1 July and continue 

to the present.  The data logging system was programmed to take readings every minute 

and to store a reading every hour on the hour.   

Unfortunately, the data logging process wasn’t understood well by the author at 

first and the data was not downloaded for the first time until 8 September 2005.  By this 

time the data logger had reached maximum capacity and had begun to overwrite the first 

days of data.  Due to some of the data being overwritten, the earliest record of continuous 

data was from 6:00 AM on 14 July 2005.   

A brief analysis of the gauge readings shows that no fill activity occurred during 

the period of time when data was overwritten.  Figure 5-4 shows the changes in 

measurement of the west gauges from the initial reading taken on 15 June 2005 and those 

taken on 1 July and 14 July 2005.  The line with the legend title “1-14 July 2005” is the 

difference in measurements from 1 July 2005 and 14 July 2005.  The maximum change 

for the west gauges is 13 microstrain (με), which is a not a significant amount.  

Figure 5-5 shows a comparison of the east gauges with the same differences in 

strain measurements being taken.  The gauge at the surface shows a change of 

approximately 27 με, which could at first be seen as a problem, but the relative change 

between the readings on 1 July and 14 July is only about 1 με.  This shows that virtually 

no change in readings occurred during the period of lost data.  
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Figure 5-3 Location of Gauges on Test Pile at Redwood Road & SR-201 

The last figure on this subject, Figure 5-6, shows a comparison of the change in 

strain measurements for both the west and east gauges between the readings on 1 July 

and 14 July 2005.  From Figure 5-6 it can be seen that a change of no more than eight (8) 
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με was experienced in any of the gauges, indicating initial “unstrained” readings could 

still be obtained. 
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Figure 5-4 Change in Strain Measurements for West Gauges from Initial Reading on 15 June 2005 
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Figure 5-5 Change in Strain Measurements for East Gauges from Initial Reading on 15 June 2005 

 120



Continuous readings were obtained from 14 July 2005 through 27 December 

2005.  On 27 December 2005 almost all gauges experienced a period of malfunctioning.  

The reason for this malfunctioning is not known.  There is a general agreement among 

the gauges that from 3:00 AM to 3:00 PM (some gauges started as early as 1:00 AM and 

ended as late as 6:00 PM) some problem was experienced that affected almost all the 

gauges.   Some problems reoccurred the next day, but for very few hours.  These readings 

have been fixed by looking at the readings before and after the problem data and also, if 

needed and available, the relative change of the gauge opposite on the same level.  After 

the period of malfunctioning the gauges returned to readings close to or identical to the 

readings prior to the malfunctioning. 
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Figure 5-6 Comparison of Change in West and East Gauges between Readings on 1 July and 14 July 
2005 

 121



Other than the small problem in December, continuous readings were then taken 

until a shutdown occurred due to water leaking into the box.  This shutdown occurred on 

15 April 2006.  The problem was not diagnosed until the author went to download data 

on 5 May 2006.  The problem was rectified by replacing one of the components and 

reconnecting all the wires.  By this time, the construction process was far enough along to 

allow for the box to be placed on a shelf on the abutment, located below the bridge deck, 

where it now sits.  The wires were reconnected on 12 May 2006.  Luckily, no main 

components of the structure were placed during the time the system was down and 

consolidation settlement was essentially complete at this point.   

A gap in the readings is present between 3 April 2007 and 3 November 2007.  

This gap was due to the unavailability of personnel from BYU to download readings after 

the author’s departure from BYU.  A similar trouble period was experienced in December 

2007 and January 2008 of gauges or the data logger malfunctioning.  Beginning on 30 

November 2007 until the data was downloaded again on 28 January 2008 the gauges are 

missing numerous amounts of data, usually blocks of hours in the early morning and 

sometimes in the evening.  There are occasional days in which the readings exist for all 

hours of the day, and those have been used in the plots to follow in this chapter. 

5.3.3 Gauge Performance 

When the gauges were connected for the first time in July 2005, all gauges were 

working properly.  This gave confidence in the system of installation, despite the 

potential damage to gauges due to the falling concrete during installation.  All 16 gauges 

continued to work properly until 16 August 2005.  The west side gauge located at El. 

4233.5 (4.5 feet down from original ground surface) ceased to give strain measurements 
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at 11:00 PM.  The gauge continues to give temperature measurements.  All other gauges 

have continued to give readings for both temperature and strain. 

5.4 Presentation and Discussion of Data and Analyses 

The strain readings collected from the individual gauges have been reviewed and 

reduced to obtain axial stress and axial load; shear stress; and pile settlement as discussed 

in chapter 4.  Analyses have been completed according to the equations defined in 

chapter 4.  Each of these parameters will be discussed in this section.   

5.4.1 Axial Stress and Axial Load 

Axial stress and axial load are related very closely to each other as one calculation 

is simply the product of a constant multiplied by the other.  For this reason, the axial 

stress and axial load will be presented and explained together.   

5.4.1.1 Derivation of Axial Stress and Axial Load 

Axial stress in the pile is a product of the strain and the composite elastic modulus 

of the pile as defined by Equation 4-1.  The individual and composite elastic moduli of 

the pile are found in Table 5-2.  The composite modulus is computed using Equation 4-4.   

Table 5-2 Modulus of Elasticity and Cross-Sectional Area for Piles at Redwood Road & SR-201 Site 

Material Elastic Modulus, E 
(psi) 

Cross-Sectional Area, A 
(in2) 

AE 
(lbs) 

Steel 29,000,000 12.37 358,730,611 
Concrete 3,416,673 181.62 620,547,581 

Composite N/A 193.99 979,278,192 
 

The total cross-sectional area of a 16-inch diameter pile is 201.06 in2 which is 

greater than the composite area listed in Table 5-2.  The reason for the difference is the 
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subtraction of the area of the inclinometer pipe (which has a 3-inch outer diameter).  The 

modulus of elasticity for steel is a typical value based on manufacturing specifications.  

The modulus of elasticity for the concrete is based on the compressive strength of 

concrete (f’c), being 3,593 psi.  This value is the average of three test cylinders taken 

during concrete placement on 23 March 2005.  The cylinders were broken on 2 April 

2005, 10 days following the pour to coincide with a statnamic test.  The average 

compressive strength for the 10-day breaks was 2,695 psi.  Typically, the compressive 

strength at 7 days is approximately 70% of the 28-day compressive strength.  Using this 

correlation and assuming the 10-day strength to be at 75% of the 28-day strength, the 

value of 3,593 psi is obtained.  The minimum acceptable compressive strength for 

concrete specified in the plans for the piles in this project was 3,000 psi.  Strain 

measurements from the gauges allow stress to be calculated along the length of the pile, 

but since there is not a gauge at the very top of the pile, the strain is unknown.  Therefore, 

the stress can not be calculated using Equation 4-1.  However, because the structural 

loads acting on the top of the pile are known, the stress can be calculated at the top of the 

pile as well.  This calculation is done by using equation 5-1. 

( )Composite

Composite

AE
PE

=σ  (5-1) 

Values for axial load have been calculated using Equation 4-2.  Load is simply the 

product of the strain multiplied by the composite AE for the pile.  The plots for axial 

stress and axial load look identical in shape and only differ by their respective units.   
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5.4.1.2 Presentation and Discussion of Results for Stress and Load Analyses 

To better understand the discussion to follow, a look at the load versus depth 

curves for the gauges on each side will be helpful.  Figure 5-7 shows the load versus 

depth curves for the west (left plot) and east (right plot) gauges.  Negative load values 

indicate the gauge is measuring compression.  In some cases, there is significant 

difficulty in assessing if only one gauge is correct or if an average should be used.  The 

following discussion will highlight the opinions of the author as to the use of the gauges 

and ultimately a load plot will be created using a combination of individual gauges and 

averages for each elevation.  Following the plot in Figure 5-7, the various inconsistencies 

will be discussed. 

5.4.1.2.1 Gauge Inconsistencies 

The first problem lies with the gauge at El. 4238, or the original ground surface.  

The gauges show widely varying results, with the east gauge in much greater 

compression than the west.  Initially, this result suggests that the load on the pile is 

eccentrically applied.     

In Section 5.3.3 it was explained that the west side gauge at El. 4233.5 ceased to 

function about a month after readings began.  This created a problem immediately.  When 

comparing the average increase for gauges at other elevations, the east gauge at El. 

4233.5 tends to increase at approximately the same rate as the average of the gauges in 

the nearby vicinity until loading began and then the readings showed erratic increases 

much larger than the average.  This behavior seems to indicate a problem with the gauge.  

This discrepancy increases the problem at this elevation since the west side gauge failed.   
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Figure 5-7 Comparison of West and East Gauges for Redwood Road and SR-201 Site 
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The gauges at El. 4227 show a similar kind of result to that of the gauges at El. 

4238.  This time the west gauge is larger in compression than the east gauge.  For 

readings taken up through 1 April 2006 the compression measured by the west gauge is 

less than the gauge above it, which should not be the case as negative skin friction should 

be present above the neutral plane.  The east gauge has shown this same result from the 

beginning.   

Measurements of skin friction should not decrease before the neutral place is 

encountered.  Use of the west gauge seems more reasonable than the east gauge or an 

average.  However, even using the west gauge, does not seem to give a consistent curve.  

Like the gauges at the elevation just above this, it is difficult to decide on an appropriate 

action.  This conclusion is based primarily on what the correct direction of the skin 

friction should be. 

The gauges at El. 4221 show the west gauge significantly greater in compression 

than the east gauge.  It appears that the use of the gauge average or the west gauge by 

itself should be used.  Choosing between the two available options is not easy since the 

average of the gauges is more consistent when shear stress is considered, but the use of 

the west gauge aids to verify conclusions regarding the location of the neutral plane in 

reference to applied loads.   

At El. 4213, it is very apparent that the west gauge is having problems.  The 

gauge is still increasing in compression, but the magnitudes of the gauges above and 

below indicate that the west gauge is not correct.  The east gauge appears to give valid 

results and therefore seems to be the best candidate for use. 
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The gauges at El. 4205 are more consistent.  Both gauges give magnitudes with a 

difference no greater than 18,600 lbs.  Although the difference seems large, when 

compared to the measured loads the difference on average amounts to about 10% of the 

total load.  This is encouraging considering the results for the gauges at higher elevations. 

The gauges at El. 4196 also show encouraging results, although they are not as 

consistent as the previous two gauges.  Differences in magnitude increase up to 29,200 

lbs, or about 27% of the total load.  This difference is much larger than for gauges at El. 

4205.   

The gauges at the bottom, El. 4184, have a maximum of 10,500 lbs difference, 

which is about 6% of the total load.  This is best set of gauges in terms of maximum 

difference of load, giving slightly better results than the gauges at El. 4205 and much 

better than the reminder. 

Although it is unfortunate that so many inconsistencies appear to exist in the 

gauges, it is understood that working with equipment in the field, especially when it 

cannot be reached to either repair or exchange, can be difficult.  The results of the gauges 

are still usable and an explanation follows as to what is recommended for each level. 

5.4.1.2.2 Recommendations for Gauge Usage 

In the previous section, the various consistencies or lack thereof were discussed 

for each gauge elevation.  This section describes the basis for decisions regarding which 

gauges to use for the final analysis. 

For the gauge at the original ground surface, the decision falls between using just 

the west gauge or using the average of the gauges.  In the end, using the average of the 
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gauges seems to fit better.  Using the west gauge alone seems to produce an unreasonable 

break in the remainder of the plot. 

The gauges at El. 4233.5 present the most difficulty.  Since the gauge on the west 

side failed it would seem that using the east side would be the best option, but as 

discussed previously the east gauge appears to increase at an unreasonable rate.  Using 

the east gauge will not work.  However since the west gauge failed, there is no real data 

value that can be used.  The final decision here is to use an interpolated value for the west 

gauge.  This calculated value is obtained by using the gauge above and the two gauges 

below on the west side and assume that the closer the gauge is to El. 4233.5 the more 

likely the gauge at El. 4233.5 will change by the same amount.  Equation 5-2 shows the 

weighting used to calculate the value that will be used at this elevation.   

4221422742385.4233 5.12
1

5.12
6

5.12
8 εεεε Δ+Δ+Δ=Δ  (5-2) 

The Δε terms refer to the change in strain from the previous hourly reading to the 

current.  The subscript number is the elevation.  The numerator in the ratio being 

multiplied by the change in strain is the difference of the maximum distance used in this 

comparison (i.e. subject El. of 4233.5 and farthest El. of 4221 therefore a difference of 

12.5 feet) and the distance between El. 4233.5 and the other gauges elevation.  The 

denominator is the maximum distance.  For example, since the gauge at El. 4238 is 4.5 

feet away from the gauge at El. 4233.5, the numerator is found by taking 12.5 - 4.5 = 8.0.  

The ratio thus becomes 8/12.5.  The ratio for the gauge at El. 4221 needs a slight 

adjustment since you can’t divide into zero. 

 129



The two primary reasons for this decision are based on the appearance of curves 

generated from past research, especially the work by Bozozuk (1981) and the direction of 

the skin friction that should be present at this location.  It should be clearly understood 

that this is a calculated (interpolated) value, but the results seem reasonable with the lack 

of credible data. 

El. 4227 also presents a problem.  Using the east gauge by itself results in positive 

side friction above the neutral plane or creates two neutral planes, which should not be 

possible. Using the west gauge creates a sharp break going down to the next gauge level.  

The possibility of using an average of the gauges at this elevation and the gauges above 

and below seems reasonable in this case.  Equation 5-3 shows the formula used to create 

this value.   

( )
6

42214221422742275.42335.4233
4227

EWEWEW PPPPPP
P

+++++
=  (5-3) 

The elevation and gauge location is given in the subscripts with “W” meaning 

west and “E” meaning east.  The end result is a reasonable value that seems to agree more 

closely with previous research. 

The gauges at El. 4221 present an interesting challenge.  The west gauge and 

average of gauges are better suited for different aspects of the accompanying research, 

while the east gauge by itself is not an option.  The west gauge is better for theories in 

respect to applied loads and the location of the neutral plane.  The average value is better 

suited for the results of the shear stress analysis.  Deciding which to use overall is 

difficult, but in the end, the author feels more comfortable in using the west gauge.  The 

rational behind this is that as load is applied to the pile, the neutral plane works its way to 
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the surface.  This pattern is visible if the west gauge is used, but if the average if used, 

this entire theory is unsupportable. 

The decision for gauges at El. 4213 is fairly easy.  The west gauge is obviously 

having problems and should not be used.  The average value is pulled down by the west 

gauge too much to be used.  The only option left is to use the east gauge which appears 

perfectly reasonable both in terms of shear stress and location of the neutral plane.   

For the bottom three gauge locations, there are two options.  The first is to use the 

averages or the larger of the two gauges.  Using either option does not seem to alter the 

shear stress results unreasonably and both options appear very reasonable.  The option 

chosen is to use the average of the two gauges.  Table 5-3 contains a summary of the 

gauges or combinations used at each level.  The results are then shown in Figure 5-8. 

Table 5-3 Combination of Gauges used to Create Consistent Load Plot 

Gauge Elevation 
(ft) Gauge(s) Used 

4238 Average of East and West gauges 

4233.5 Interpolated  
(Weighted average of gauges at El. 4238, 4227 and 4221) 

4227 Interpolated   
(Average of both gauges at El. 4233.5, 4227 and 4221) 

4221 West gauge only 
4213 East gauge only 
4205 Average of East and West gauges 
4196 Average of East and West gauges 
4184 Average of East and West gauges 

 

After the axial stress and load in the pile have been calculated at each of the gauge 

elevations using the combinations described previously, they can be plotted by depth for 

various times as shown in Figure 5-8.   
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Figure 5-8 Plot of Axial Load vs. Depth and Time using Best Combination of Gauges for Redwood 
Road and SR-201 

In Figure 5-8, the key indicates the number of days after the first strain 

measurements was completed.  Day “0” is considered to be 14 July 2005 since only 

incomplete measurements exist before then.  Although readings are recorded hourly, 

plotting a curve for every day would create too much clutter on the plot.  For this reason, 

a curve is typically plotted for the 1st and 15th of every month (with some exceptions).  

This still provides a great deal of clutter, as seen in Figure 5-8.  The values plotted in 

Figure 5-8 are calculated by taking the average of all 24 hourly readings for each gauge 
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and then taking the average of the east and west gauges.  Values also correspond to the 

combination of gauges, interpolation or a single gauge as summarized in Table 5-3.  

Following the adjustments to the gauge readings, the location of the neutral plane is more 

easily identified in Figure 5-8.  A simplified version of Figure 5-8 is shown in Figure 5-9 

that reduces the clutter and shows the load in the pile at key times throughout the duration 

of the monitoring. 
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Figure 5-9 Simplified Plot of Axial Load vs. Depth and Time for Redwood Road Site 
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The load versus depth profile shown in Figure 5-8 is generally consistent with the 

expected behavior shown in Figure 5-10 developed by Briaud and Tucker (1997).  

Downdrag load developed after settlement as shown in Figure 5-10(2).  When structural 

loads were applied while settlement was continuing, the profile shown in Figure 5-10(3) 

developed as dragloads near the top of the pile decreased (or at least did not increase) and 

yet the total load in the pile did increase slightly.  At first, when structural loads were 

applied after consolidation settlement was completed, the measured load profile remained 

similar to that shown in Figure 5-10(3).  Overall, the current profile for the test pile 

appears to be approaching the profile shown in Figure 5-10(4), with dragload slightly 

increasing, but with the exception of the upper gauges continuing to show behavior 

similar to Figure 5-10(3), which to some extent may be caused by their interpolated 

values. It appears that continued settlement in the upper layers has been insufficient to 

cause the complete profile to advance to the profile shown in Figure 5-10(4). 

 

Figure 5-10 Expected Development of Downdrag Load for Piles at a Bridge Abutment (Briaud and 
Tucker, 2007) 
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5.4.1.3 The Neutral Plane and History of Dragloads 

The neutral plane has been shown in previous research (Leung et al., 2004; 

Fellenius, 1989) to shift in response to the loads from both the structure and surrounding 

soil.  The general trend that has been observed is that the neutral plane will tend to begin 

near the bottom of the compressible layers after an embankment or surcharge loading is 

placed.  As structural loads are placed, previous research has shown that the dragloads are 

reduced and if sufficient loads are imposed, the neutral plane can migrate upward towards 

the surface. 

A close look at the day-to-day behavior of the loads in the pile at the various 

gauge levels allows for a look into factors that affect the location of the neutral plane as 

well as the immediate effect of structural loading on the magnitude and location of the 

neutral plane.   

For the first 167 days of recording (near the first part of December 2005), the 

loads in the pile and the different gauge locations did not assume a clear pattern.  After 

this time the neutral plane appeared to settle down to El. 4205, near the bottom of the 

majority of the more compressible layers of soil.  Some vacillating took place until day 

192 (22 January 2006) when the neutral plane appeared steady at El. 4205.  On day 206 

(5 February 2006) the neutral plane shifted up to El. 4213.  The reason for the shift is not 

known.  It is possible that the dragloads accumulated up to that point were beginning to 

drag the pile down sufficiently, perhaps coupled with most of the primary consolidation 

settlement in the lower lean to fat clay layer (between El. 4210 and El. 4202) being 

completed. 
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The neutral plane remained at El. 4213 for some time.  The load in the gauges at 

El. 4221 (next level up) appeared to increase at an overall faster rate during the placement 

of various structural loads until the load in the pile at El. 4221 exceeded the load at El. 

4213 for two days.  This occurrence happened on days 308 and 309 (18 and 19 May 

2006).  Following this very temporary shift of the neutral plane, the neutral plane 

returned to El. 4213 and remained there for nearly ten months. 

The reason for the brief change in location of the neutral plane is believed to be 

caused by at least two factors.  First, the added increase in structural loading.  Second, the 

removal of the surcharge load after primary consolidation settlement was complete.  

Settlement readings taken by AMEC showed that approximately 11.0 inches of total 

settlement had occurred at the end of March 2006 near the test pile location, signaling the 

end of primary consolidation.  The settlement readings taken by AMEC are shown in 

Figure 5-11.  

It is interesting to note that despite the relatively large loads applied by the girders 

and the bridge deck, the location of the neutral plane did not change.  The most likely 

reason for this is that these structural components were placed while significant 

settlement was being caused by the 8-foot surcharge.  Since the definition of the neutral 

plane is the location along the pile where the pile is settling at the same rate as the 

surrounding soil, with the soil settling at the rate shown in Figure 5-11 (about 2 inches in 

45 days), it is very improbable that the pile could settle that fast.  When the majority of 

primary consolidation was complete and structural load continued to be added, the 

change could occur.  It must be noted that the difference in total load in the pile between 
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El. 4221 and El. 4213 during these two days was no more than 4,800 lbs (about 2.3% of 

the total load). 
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Figure 5-11 Settlement Time History Near East Abutment for Redwood Road and SR-201 Site 

The neutral plane stayed at El. 4213 until day 596 (8 March 2007) when it shifted 

up to El. 4221 and remained there with few exceptions until day 621 (2 April 2007) 

which was the last time readings were downloaded before a large break in downloading.  

Once again, the difference in load between the elevations was very small (no more than 

1,150 lbs).  The reason for the shift at this time is unknown.  All structural loads had been 

in place since June 2006 and the occurrence of secondary consolidation would be more 

likely to lower the neutral plane. 

Sometime between the download on 2 April 2007 and the next available reading 

around the first of November 2007, the neutral plane had shifted to El. 4205.  If 

secondary consolidation is occurring, which is likely, this shift may be caused by that 

settlement.  The neutral plane remained at El. 4205 to the end of the readings last 

downloaded on day 707 (28 January 2008). 
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Looking at the history of the dragload in the pile sheds some light on the 

interaction between structural load, settlement and their combined influence on the 

magnitude of the dragload in the pile.  Table 5-4 shows a summary of the more important 

times when the magnitude of the dragload in the pile is of particular interest. 

Table 5-4 History of Dragload for Pile at Redwood Road Site 

Date/Description 
Days 
Since 
Initial 

Total 
Load 
(kips) 

Structural 
Load 
(kips) 

Dragload 
(kips) 

Elevation 
of Neutral 
Plane (ft) 

2-14-06/Maximum Dragload 
before surcharge 215 79.83 0 79.83 4213 

2-26-06/After surcharge-Just 
before Pile Cap 227 89.16 0 89.16 4213 

2-27-06/After Pile Cap 228 94.18 17.78 76.40 4213 
3-6-06/Just before Girders 235 100.11 17.78 82.33 4213 

3-7-06/After Girders 236 104.37 36.21 68.16 4213 
4-11-06/Just before Deck 271 134.20 36.21 97.99 4213 

4-12-06/After Deck 272 152.16 88.90 63.26 4213 
5-15-06/Surcharge Removed 

(Settlement Completed) 305 172.79 96.91 75.88 4213 

5-18-06/After surcharge removed,  
After Deck Parapets and 

Diaphragm Wall  
308 205.97 131.10 74.87 4221 

6-11-06/All Structural Loads in 
Place 332 201.76 134.48 67.28 4213 

7-4-06/Maximum Recorded Load 
in Pile 355 226.68 134.48 92.20 4213 

1-26-08/Last Reading (19 Months 
after all Loads) 705 210.80 134.48 76.32 4205 

 

As it can be seen in Table 5-4, the maximum dragload in the pile before any 

structural loads were placed was about 89.2 kips.  After placing the pile cap, the dragload 

was reduced by about 13 kips, nearly all, but not quite the full amount of the load of the 

pile cap.  With each successive addition of structural loading, the dragload was 

decreased, but by only a fraction of the load added.  The best example of this is the 
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addition of the deck.  The deck added about 52.7 kips to the pile, but the dragload was 

only reduced by 34.7 kips.  As indicated before, the relatively large amount of settlement 

still occurring during this time appears to override at least a portion of the structural loads 

as they are added.  It is apparent that dragloads are reduced by the addition of structural 

loads, although it also seems apparent that if structural elements are placed during 

primary consolidation then they do not affect the dragload by the maximum amount 

possible. 

Other items of note from Table 5-4 is the maximum load in the pile of 226.7 kips, 

which occurred on day 355 (4 July 2006).  The corresponding dragload at this time was 

92.2 kips, nearly the maximum dragload recorded.  Although not in the table, it should be 

noted that the maximum dragload ever experienced in the pile was 100.4 kips on day 264 

(4 April 2006).  At the end of the currently downloaded readings, the dragload is slightly 

less than the dragload just before the surcharge was placed.  

The maximum load corresponds to an axial stress in the pile at the neutral plane 

of about 7500 psi.  The ultimate compressive strength in the pile (calculated as the 

summation of the yield strength of the steel times the area of steel and the compressive 

strength of the concrete times 0.85 and the area of the concrete) is approximately 789.4 

kips, approximately 3.5 times larger than the maximum load recorded in the pile. 

Since the monitoring of this pile is taking place on a real construction project 

subject to deadlines and timetables not in the power of the author to alter, the process of 

construction introduces a number of questions as to the real cause of the changes seen in 

the gauge measurements.  Placing of a surcharge fill directly before erecting structural 

components creates a difficult situation to diagnose.  In further research, if it is possible, 
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construction should be done in separate and distinct steps to minimize overlapping of 

reactions.  

5.4.1.4 Immediate Effect of Structural Loading 

It was the initial intent to look into the hour-by-hour readings recorded after 

various structural components were added.  After completing a thorough analysis of an 

eight-day time period beginning one day before the load was placed and continuing to six 

days after, it was observed that the recorded readings showed no definitive conclusions.  

The typical display of readings for the day the load was placed for the various periods 

analyzed appeared as shown in Figure 5-12.  This particular plot is for the time period 

when the pile cap was poured.  The readings, especially at El. 4205 alternate back and 

forth and show no consistent pattern; therefore, to limit any further confusion, the results 

of these analyses will not be presented. 

4180

4190

4200

4210

4220

4230

4240

4250

-80000 -60000 -40000 -20000 0 20000 40000 60000

Load (lbs)

E
le

va
tio

n 
(ft

)

100 200 300 400 500 600 700 800 900 1000 1100 1200 1300

1400 1500 1600 1700 1800 1900 2000 2100 2200 2300 2400

 

Figure 5-12 Plot of Hourly Readings for West Gauge on 28 February 2006 
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5.4.2 Shear Stress 

Calculating shear stress along the pile is a way to quantify the skin friction acting 

on the pile at various elevations.  This becomes useful as the α and/or β coefficients can 

be back-calculated for either a total or effective stress analysis, respectively. 

5.4.2.1 Derivation of Shear Stress Calculations 

The shear stress for the different segments has been calculated by both the 

“double segment” and “single segment” methods as discussed in Sections 4.4.1 and 4.4.2.  

A complete review of the equations will not be given here.  However, in summary, the 

single segment method calculates a shear stress with a representative elevation in the 

middle of the two gauges.  For the double segment method, the representative elevation is 

the average of the middle elevations of the two segments (three gauges) involved.  A 

short comparison of the two methods will be useful to show the similarities and 

differences between the methods.   

The following three plots, Figure 5-13, Figure 5-14 and Figure 5-15, show the 

shear stresses calculated by the single segment method for two consecutive segments 

compared to the shear stress calculated by the double segment method for the same 

length of pile.  Two of the plots Figure 5-13 and Figure 5-14, are taken from segments 

completely above the current location of the neutral plane and Figure 5-15 is taken for the 

bottom two pile segments.  The legend entries for the shear stress are described with “SS” 

if they are calculated using the single segment method and “DS” for the double segment 

method.  The numbers are the span of elevations for the segment.  The vertical lines on 

the plots provide a time reference to various placements of the bridge structure and 

embankment of the construction process (see Table 5-1 for exact dates). 
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Figure 5-13 Comparison of Single Segment and Double Segment Methods for Calculating Shear 
Stress between El. 4233.5 and El. 4221 
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Figure 5-14 Comparison of Single Segment and Double Segment Methods for Calculating Shear 
Stress between El. 4227 and El. 4213  
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Figure 5-15 Comparison of Single Segment and Double Segment Methods for Calculating Shear 
Stress between El. 4205 and El. 4184 

It can easily be seen that the double segment method gives almost an exact 

average of the two single segment readings.  This would be a predictable conclusion 

since, in reality the double segment method is taking an average of the shear stress at the 

midpoint elevations of the two segments, which is the same as the shear stress calculated 

for the two segments with the single segment method.   

Because the results for the double segment and single segment methods give very 

comparable results and also since the double segment method cannot be used accurately 

when being calculated with the two segments creating the neutral axis, the results from 

the single segment method will be presented in the discussion for each segment to follow. 
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5.4.2.2 Shear Stress Data and Analyses 

  The results of the shear stress analyses will now be given for each section of the 

pile between two gauges.  As each segment is discussed it is important to remember the 

following: 

• Shear stress for segments above the neutral plane should be negative due to 

downdrag at least prior to structural loading. 

• Shear stress for segments below the neutral plane should be positive. 

• Alternations between positive and negative shear stress generally indicate a 

change in neutral plane elevation. 

• Data used for gauge El. 4233.5 and El. 4227 are based on interpolated values (not 

actual data) since failure or malfunctioning occurred in one or both gauges at 

those elevations. 

Day “0” on the following plots is 14 July 2005.  On each plot from the beginning 

to approximately day 154, there is either little development of shear stress or repeatedly 

alternating patterns of positive to negative values that are likely the result of initial 

embankment fill placement and construction activities.  After day 154, more recognizable 

patterns are visible. 

5.4.2.2.1 Shear Stress between El. 4252 and El. 4238 (Within Approach Fill)  

Figure 5-16 shows the plot of shear stress versus time. This section is located in 

the embankment fill placed above ground surface.  The shear stress for this section of pile 

shows negative skin friction reaching a maximum magnitude of approximately 730 psf on 

15 February 2006.  Then due to structural loading, the shear stress becomes positive and 

peaked at just below 1,500 psf on 15 September 2006.  The addition of each structural 
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load discussed previously caused the shear stress for this segment to increase.  Notice the 

jumps in shear stress after the various loadings represented by the vertical lines.   
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Figure 5-16 Shear Stress on Pile at Redwood Road & SR-201 from El. 4252 to El. 4238 (Within 
Approach Fill) 

5.4.2.2.2 Shear Stress between El. 4238 and El. 4233.5  

Figure 5-17 shows the plot of shear stress versus time.  This section is located in 

thin layers of silty sand (SM), lean clay (CL) and sandy silt (ML).  The shear stress in the 

pile for this section shows no real trend.  Stress values tend to stay positive until about the 

first of December 2005 and then go negative.  The load associated with the placement of 

the deck caused a shift back to positive shear stress, however, sometime after the 

diaphragm wall was placed, the stress dropped back down and became negative.   

The first shift from positive to negative seems reasonable as that is the same time 

frame during which the embankment was placed.  The shift back to positive shear stress 
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also seems reasonable as the structural loading of the deck should have been sufficient to 

induce pile settlement and engage positive skin friction.  The last shift back to negative 

friction happened between 15 May and 1 June 2006, and would seem to indicate that 

sufficient settlement induced negative skin friction again.   
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Figure 5-17 Shear Stress on Pile from El. 4238 to El. 4233.5 

However, this time period includes the removal of the surcharge and the 

placement of the deck parapets and diaphragm wall which would be most likely to 

continue positive skin friction.  On the other hand, negative skin friction should exist 

above the neutral plane so the switch back to negative skin friction should be logical.  

During long-term readings the stress has remained relatively constant.  It should be noted 

that the magnitude of shear stresses shown for this section appears significantly greater 

than may be expected from the shear strengths of the soils as encountered during field 

and laboratory testing summarized in Chapter 3.  This may be, in part, due to the fact that 
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strain gauge values at El. 4233.5 are interpolated, which may cause irregularities in 

movement and magnitude that is not consistent with what is actually occurring.   

5.4.2.2.3 Shear Stress between El. 4233.5 and El. 4227 

Figure 5-18 shows the plot of shear stress versus time.  This section is in primarily 

in lean clay (CL) with occasional layers of sandy silt (ML) and silty sand (SM).  The 

gauge at El. 4227 appears to be in more sandy material while the gauge at El. 4233.5 is 

primarily in lean clay material.  This section initially experiences positive skin friction.  

The positive shear stress peaked during the time of the embankment material being 

placed and after this time began the transition to negative skin friction.  The transition 

from positive to negative skin friction took place between 1 and 15 March 2006.  This 

location continued to gain in negative skin friction, reaching a maximum of 

approximately 1,200 psf.  After reaching this maximum, the diaphragm and approach 

slab were placed and the surcharge was removed which reduced the negative shear stress 

to a somewhat lower value for a short period time period, but then the negative shear 

stress recovered to about the same value as prior to the loading.  The negative skin 

friction ultimately increased to a maximum magnitude of about 1,500 psf.  There is not 

an apparent reason for the transition back to positive skin friction which occurred 

sometime after day 536 (1 January 2006).  Even with long-term monitoring of the pile, 

the behavior remains questionable.  According to theory and the performance of other 

gauges, this section should remain in negative skin friction.  One possible reason is that 

this section is still dependent upon the interpolated values used for the gauge at El. 

4233.5. 
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Figure 5-18 Shear Stress on Pile from El. 4233.5 to El. 4227 

5.4.2.2.4 Shear Stress for Section between El. 4227 and El. 4221 

Figure 5-19 shows the plot of shear stress versus time.  The top gauge for this 

section is in sandy soils (SM, ML) and the bottom gauge is likely in silty clay (CL) 

material.  In between the gauges is about half and half sandy and clayey soils.  This 

section stayed close to zero until the first part of December.  Starting at that time until the 

middle of April 2006 there was a fairly steady increase in negative stress.  Since mid-

April the shear stress has leveled off at a value of approximately 2,000 psf even though it 

has been slowly decreasing in magnitude.  This magnitude is somewhat higher than 

expected based on soil strength properties discussed in Chapter 3.  These results are 

promising as they indicate the behavior expected. 
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Figure 5-19 Shear Stress on Pile from El. 4227 to El. 4221 

5.4.2.2.5 Shear Stress for Section between El. 4221 and El. 4213 

Figure 5-20 shows the plot of shear stress versus time.  The top gauge of this 

section is likely in silty clay (CL) material and the bottom gauge is likely near a border of 

silty sand and silty clay (SM, CL).  Multiple alternating layers of sandy, silty and clayey 

soils exist between the gauges.  Positive friction is seen from the start until the first part 

of December 2005 when the shear stress became negative as was the case with many of 

the gauges.  When the shift in the neutral plane occurred at that time, the shear stress 

turned negative and became progressively more negative until the surcharge was placed.  

It appears the construction of the pile cap caused a trend toward positive stress.  This was 

later overcome by additional settlement and it appears the shear stress oscillates toward 

positive stress and back again.  These upward oscillations appear to be caused by 

structural loadings, however, they are overcome each time by the settlement and oscillate 
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back down.  Readings shown in the vicinity of day 350 to day 450 seem to indicate that 

the neutral plane is having a tendency to sink lower in depth.  The change in direction of 

the shear stress as values approach 0 indicate that the neutral plane is tending to rise from 

El. 4213 to El. 4221.  This is seen in the load values as the slope between these two gauge 

locations becomes increasingly steeper.  As seen in the cross over between days 595 and 

609 (actual date of cross over is 8 March 2007, day 596), the neutral plane shifted up to 

El. 4221. 

Long-term monitoring has shown that the neutral plane is able to shift to any of 

three elevations relatively easily as the load in the pile is very close in magnitude 

between El 4221 and El. 4205.  Sometime during the lapse of readings from 3 April 2007 

to 3 November 2007 the neutral plane switched to a lower elevation.  The cross-over 

between the last two readings is unaccounted for as the neutral plane has remained at El. 

4205.  

5.4.2.2.6 Shear Stress for Section between El. 4213 and El. 4205 

Figure 5-21 shows the plot of shear stress versus time.  The gauge at El. 4213 is 

likely near the border of silty sand and silty clay layers (SM, CL) while the bottom gauge 

is within a relatively thick layer (7 to 10 feet) of lean to fat clay (CL/CH).  The layers 

housing the two gauges also make up the soil between the gauges.  

The results on this section are fairly consistent with the expected behavior of the 

skin friction forces.  The shear stress remains on the negative side until mid-February.  

This is consistent with its location above the neutral plane.  The neutral plane was located 

at El. 4205 until the first portion of February and then it shifted to El. 4213.  While the 

neutral plane was located lower, the section was on the upper side of the neutral plane 
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and should thereby register negative friction.  After the neutral plane shifted to El. 4213 

the section was below the neutral plane, thereby changing to positive skin friction.   
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Figure 5-20 Shear Stress on Pile from El. 4221 to El. 4213 

The skin friction took a dip towards negative friction after the surcharge fill was 

placed, but the addition of structural loads caused the neutral plane to remain at the top of 

the section and the positive skin friction increased to a peak value of approximately 750 

psf.  After this the shear stress leveled and then began to regress towards negative skin 

friction.  This would seem to indicate that the loads from the structure have been 

overcome by continuing settlement in the soil and the neutral plane is starting to shift 

back down.  This is consistent also with previous findings from other full-scale tests.  

Fellenius (1989) notes that since piles are infinitely more rigid than soil, all piles will 

undergo downdrag forces ultimately in the long-term.  This statement is significant when 

considering the final state of the pile.  After structural loading the soil will still be 
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settling, even if in miniscule amounts, and this settling will once again reinstate 

downdrag loads forcing the neutral plane to shift down.  Previous to the final data 

download the neutral plane was very close to shifting from El. 4213 to El. 4205.  After 

the last data download, the neutral plane has made the shift to a lower elevation.   
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Figure 5-21 Shear Stress on Pile from El. 4213 to El. 4205 

5.4.2.2.7 Shear Stress between El. 4205 and El. 4184 (Two Sections) 

Figure 5-22 and Figure 5-23 show the plots of shear stress versus time for the two 

sections from El. 4205 to El. 4196 and El. 4196 to El. 4184, respectively.  The gauge at 

El. 4205 is in lean to fat clay (CL/CH), the gauge at El. 4196 is within thin (6 inches to 1-

foot thick) layers of sandy silt and silty sand (ML, SM) and the gauge at El. 4184 is a 

thick (about 20 feet) layer of silty sand (SP/SM).  Soil between the gauges is similar to 
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the soil found at the gauges and ranges in thickness from thin (1-foot) to relatively thick 

(5 feet or more) layers.   

The shear stresses for the remaining two sections are very similar.  Positive skin 

friction has been typical, as expected, for both of these sections.  The shear stresses in 

each section began close to zero and remained at that value until the first of December.  

After this, each section continued to increase consistently until the first of July 2006.  The 

shear stress seems to be leveling off as of the last readings taken on 13 July 2006.  The 

section from El. 4205 to El. 4196 has reached a maximum shear stress of approximately 

1,800 psf.  The shear stress for the last section has peaked out at about 1,400 psf.  Over 

time the unit shear stress tends to decrease, although this is a very gradual decrease 

interspersed with slight undulations in the readings. 

5.4.2.3 Summary of Shear Stress Values for Sections of Piles 

Overall, the plots for shear stress show encouraging results for most of the pile.     

Erratic patterns do exist between El. 4238 and El. 4227 which is likely the result of using 

interpolated values caused by gauge malfunctioning.  The key to understanding the 

various shifts in direction between positive and negative shear stress is to remember the 

various effects from embankment, the surcharge fill and structural loadings on the 

location of the neutral plane.   

Values for shear stress tend to begin high near the surface and then become quite 

low in the vicinity of the neutral plane.  Shear stress increases again near the bottom of 

the pile.     
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Figure 5-22 Shear Stress on Pile from El. 4205 to El. 4196 
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Figure 5-23 Shear Stress on Pile from El. 4196 to El. 4184 
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5.4.3 Comparison of Estimated to Measured Results 

Engineers are faced with the responsibility of estimating the magnitude of loads 

that will be applied to the pile foundation.  To accomplish this, a proper understanding of 

the interaction between the pile and soil must be understood and adequate 

characterization of the soil profile must be known.  The accurate estimation of the 

location of neutral plane, which then leads to the estimation of the dragload magnitude, is 

essential for a design that will not be overly conservative or overly aggressive.  The 

following sections will discuss the methodology for estimating the location of the neutral 

plane and the calculation of the loads in the pile, as well as a comparison to the measured 

results from strain gauge readings.   

5.4.3.1 Estimating the Location of the Neutral Plane 

In the design process, since actual loads are not known, the location of the neutral 

plane must be determined.  Two methods have been used in conjunction with this thesis 

to estimate the location.  The first method is described in the “Unified Design” method by 

Fellenius (1989) and will be followed by the method described by Briaud and Tucker 

(1997).  Both of these methods require the estimation of the side resistances for each 

layer of the soil profile.   

5.4.3.2 Estimation of Side Resistance 

The side resistance in layers of cohesive soil can be estimated in two ways, the 

alpha (total stress) and/or beta (effective stress) method.  The side resistance for clays in 

this thesis has been calculated based on the alpha method, where the side friction (fs) is 

calculated using the equation  
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us sf α=  (5-4) 

where su is the undrained shear strength and α was assumed to be 1.0.  The values of the 

average undrained shear strength and side resistance for cohesive layers are provided in 

Table 5-5. 

In the initial geotechnical investigation of the site there were no unconfined 

compression (UC) tests or unconsolidated undrained (UU) tests done to determine the 

compressive strength and undrained shear strength of the clay layers.  RBG completed 

torvane tests on samples obtained in the field and vane shear tests were completed in the 

lab by AMEC.  These tests can provide an estimate of the undrained shear strength, but 

the data from these tests are likely not as accurate or as useful as the UC or UU tests.  

However, it should be remembered, as indicated in Chapter 3, that supplemental drilling 

was undertaken to obtain samples for unconfined compressive testing and seven (7) tests 

were performed.   

The side resistance for layers of cohesionless soil is calculated using the beta 

method according to the equation   

δσ tan'
vs kf =  (5-5) 

where k is the earth pressure coefficient (range of values taken from the Navy Manual 

(NAVFAC, 1982) as 1.0 to 1.5 for a driven single displacement pile); σ’v is the vertical 

effective stress; and δ is the soil-pile friction angle.  The range of values for δ/φ was taken 

as 0.7 – 0.9 based on recommendations from Kulhawy et al., (1983) for a sand/rough 

steel interface.  The factors k and tanδ are often joined together into one value, β.  Values 
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for the unit weight and friction angle in each layer were estimated using correlations from 

in situ data, such as the SPT values and are shown in Table 5-5.  The β values shown are 

assume a value of 1.25 for k and a value of 0.8 for δ/φ.  As indicated previously, α was 

assumed to be 1.  The vertical effective stress shown is without any embankment fill.  In 

addition, the side resistance of the fill material has been estimated to be 800 psf based on 

the results from the gauges due to lack of information about the fill material. 

Table 5-5 Summary of Soil Parameters Used to Estimate Side Resistance 

γm σ’vo φ β Su fs Elevation Extents 
of Soil Layer USCS Class pcf psf deg  psf psf 

4252 4238 Random Fill 125 ---- ---- ---- ---- 800 
4238 4228 CL 125 625 ---- ---- 1190 1190 
4228 4224 SP/SM & ML 118 1360 30 0.56 ---- 760 
4224 4216 CL 122 1710 ---- ---- 285 285 
4216 4210 SM-ML 118 2116 32 0.61 ---- 1290 
4210 4202 CL-CL/CH 112 2480 ---- ---- 440 440 
4202 4197 SP-SM 120 2820 32 0.61 ---- 1720 
4197 4183 SP-SM 125 3405 38 0.72 ---- 2460 

 

The unit side resistances (fs) shown in Table 5-5 can be used to calculate the 

dragloads or positive skin resistance for each layer, ΔFs, using the equation 

( ) ss fLDF Δ=Δ π  (5-6) 

where ΔL is the thickness of the soil layer for which the load is to be calculated and D is 

the diameter of the pile.   

Both the Fellenius (1989) and the Briaud and Tucker (1997) methods require, in 

addition to the side resistance along the pile, the calculation of the settlement of the pile 

and surrounding soil.  The settlement of the pile consists of the elastic compression of the 

 157



pile due to the loads in the pile and the settlement of the pile into the bearing layer.  In 

order to apply these methods, the subject of pile and soil settlement will now be 

discussed. 

5.4.3.3 Derivation of Pile Compression and Pile Settlement 

Settlement of the pile is a combination of the elastic compression of the pile and 

settlement of the pile at the pile tip.  The equations for the compression of the pile at 

gauge elevations and at midpoint elevations between gauges were presented in Sections 

4.5.1 and 4.5.2 as shown in Figure 4-13 and Figure 4-14 and will not be repeated at this 

time.   

In addition to and as a check on the pile compression calculations from the strain 

gauges, elastic compression of the pile (scompression) was computed using the equation 

pp
oncompresssi EA

QLs =  (5-7) 

where Q is the average load in the pile; L is the length of the pile; Ap is the cross-sectional 

area of the pile; and Ep is the modulus of elasticity of the pile.  In cases where the pile is 

composed of multiple materials, i.e. steel and concrete, a composite AE should be used. 

Using an input parameter of 160,550 lbs for the average pile load, a pile length of 

69 feet (828 inches), and a composite AE of 9.79 x 108 psi, a compression value of 0.14 

inches is calculated.  This matches very well with the calculated compression of the pile 

from readings of the strain gauges. 

Settlement of the pile into the bearing stratum is somewhat more difficult to 

determine with exactness.  No surveying could be done to assess the pile head elevation 
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before and after the loading sequences began because construction of the pile cap would 

not allow for measurement of the top of the pile.    Therefore, four approaches proposed 

by various investigators have been used to estimate the settlement at the tip of the pile.  

[Equations 5-8 (Das, 1999), 5-9 (FHWA, 2006), 5-10 (FHWA, 2006) and 5-11 (Briaud 

and Tucker, 1997)].  The first approach computes the pile tip settlement (s) using elastic 

theory according to the equation 

( ) wps
s

wp I
E

Bq
s 21 μ−=  (5-8) 

where qwp is the point load per unit area at the pile toe (total load divided by the area of 

the pile at the toe); B is the diameter of the pile; Es is the modulus of elasticity of the soil 

below the pile point; μs is the Poisson’s ratio of the soil at the pile point; and Iwp is an 

influence factor of 0.85.  Consistent units are required in applying this equation. 

Input parameters used in Equation 5-8 were 353 psi for qwp (using 70,930 pounds 

for the approximate maximum load at the base of the pile), pile diameter of 16 inches, 

modulus of Elasticity of 7,500 psi (from range of 5,000 to 10,000), and a Poisson’s ratio 

of 0.375 (from range of 0.3 to 0.45).  Using these values, a settlement of 0.55 inches was 

calculated.   

The second approach computes the pile tip settlement using a correlation with the 

SPT penetration resistance given by the equation 

'
4

N
IBp

s ff=  (5-9) 
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where pf is the foundation pressure in ksf (load divided by area); B is the width of the pile 

group in feet, N’ is the average corrected SPT N’ value within a depth B below the pile 

tip; and If is an influence factor for group embedment equal to 1-[D/8B] limited to a value 

greater than 0.5, with D being the pile embedment depth in feet.  This equation is meant 

for use with pile groups. 

Input parameters for Equation 5-9 were 1290.165 kips for a total group load 

(weight of superstructure on pile cap); pile group are of 43 feet (width, B) by 3.5 feet 

(depth, not thickness); depth of embedment of 69 feet; and an influence factor equal to 

0.8.  The average corrected blowcount value is more difficult to ascertain since in the 

boring that went deeper than the pile tip, two of the SPT attempts yielded values of 80 

blows for 5”.  Below this very dense layer, a silty clay layer was found with a blowcount 

of 13, and the last two blowcounts of 30 and 92 coming from silty sand layers.  Although 

the average of the last three values is 45, the two attempts stopping at 80 indicate that 

blowcounts for these layers could very likely be near 200.  If this is the case, then the 

average blowcount goes up to approximately 110, which seems more reasonable.  Using 

a corrected blowcount of 110, Equation 5-5 calculates a settlement of approximately 1.63 

inches. 

The third approach correlates settlement with cone tip resistance using the 

equation 

c

ff

q
BIp

s
2

=  (5-10) 
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where the terms, pf, B and If were defined previously in Equation 5-8, and qc is the 

average static cone tip resistance within a depth B below the pile tip, in units of ksf. 

For Equation 5-10, the only new value, relative to the previous equations, is the 

value for qc.  After analyzing the CPT sounding displayed in Figure 3-10, an average 

value for the cone tip resistance from 55 to 90 feet seems to be between 250 and 300 tsf.  

Using the lower bound of 250 tsf which is equal to 500 ksf, Equation 5-9 gives a 

settlement value of 0.29 inches.   

The last approach given by Briaud and Tucker (1997) calculates the pile 

settlement with an equation nearly identical to Equation 5-8 and given as the equation 

( )
s

p

AE
DQ

s 21
4

υπ
−=  (5-11) 

where Qp is the bearing resistance (equal to the load on the pile at the toe), D is the 

outside pile diameter, A is the cross sectional area at the base of the pile, and Es is the 

modulus of elasticity below the pile point.  The only difference between this equation and 

Equation 5-8 is the influence factor in Equation 5-8, Iwp is replaced with the quantity π/4 

(0.785). 

All the values used in Equation 5-11 were described in the solution of Equation 5-

8.  The result when using Equation 5-11 is 0.54 inches, which is nearly identical to that 

obtained with Equation 5-8.  It may also be helpful to give the range of values for 

different input values of Poisson’s ratio (0.3 to 0.45) and the modulus of elasticity (5,000 

psi to 10,000 psi).  The range of settlement is from 0.35 to 0.81 inches.  
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Equations 5-8, 5-10 and 5-11 are relatively close to each other in comparison to 

the settlement predicted by Equation 5-9, although the estimation of parameters for each 

equation is obviously a determining factor in the results.  The large difference is suspect 

in and of itself, but in addition to this, results from a pile load test (discussed in Section 

5.2) completed on one of the adjacent piles indicates that for a maximum load of about 

780 kips a total settlement of just over 0.5 inches was observed for a 55-foot pile.  Since 

the combination of the structural loads and dragloads existing on the test pile are much 

less than 780 kips, it seems unreasonable to expect 1.6 inches of settlement, not even 

including pile compression.  With this in mind, the values calculated from Equation 5-8 

and Equation 5-11 even appear too high.  For these reasons, the settlement predicted 

using Equation 5-8 based on the CPT sounding appears to be the most reasonable 

approach for predicting the pile tip settlement at this site.  Therefore, using a pile 

compression of 0.14 inches and a pile settlement of 0.29 inches, a total pile head 

settlement of 0.43 inches appears to be reasonable. 

5.4.3.4 Presentation of Measured Pile Compression vs. Depth Curves 

Using the calculation methods set forth in Sections 4.5.1 and 4.5.2 to calculate the 

compression of the pile due to the various loads, whether from the bridge structure or the 

dragloads, the pile has undergone an elastic compression of about 0.129 inches as of 26 

January 2008.  The pile had been compressed by approximately 0.128 inches by 1 July 

2006 (352 days) and later rebounded to a compression of only 0.111 inches on 15 

September 2006 (429 days).   The rebound in the pile would indicate a decrease in total 

load on the pile, which was the case for the time period from the beginning of July to the 

middle of September 2006.  Since the structural loads have not changed, dragloads were 
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decreasing at that time.  This assumption is verified by the load versus depth over time 

curve as presented in Figure 5-8.  The compression of the pile over time is shown in 

Figure 5-24.  Each curve represents the elastic compression of the pile on the day 

indicated in the legend.  From the beginning of the monitoring up to 1 December 2005 

(140 days), no distinct settlement had been measured.  For this reason and to reduce 

clutter on the plot, the curves for the readings prior to 140 days are not plotted and plotted 

curves are generally spaced one month apart.    
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Figure 5-24 Pile Compression over Time for Redwood Road and SR-201 Site 

5.4.3.5 Presentation of Soil Settlement vs. Depth Curves 

During the placement of fill for the abutment at the test pile, settlement was 

monitored using open standpipe manometers.  The settlement history was presented in 
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Figure 5-1, with a maximum of 11.0 inches of settlement observed.  Using available data 

from testing done by AMEC and empirical relationships, the values for consolidation 

analyses were estimated.  The total observed settlement of 11.0 inches was used to 

calibrate the compression and recompression indexes.  The estimated values for the 

cohesive layers are shown in Table 5-6 and the expected contribution calculated for each 

layer to the total settlement is summarized in Table 5-7. 

Table 5-6 Estimated Properties for Settlement Analysis of Cohesive Layers for Redwood Road Site 

Elevations of 
Layer Limits 

Vertical 
Effective 
Stress, σ’v 

Precon-
solidation 
Pressure, 

σ’p 

Change in 
Effective 

Stress, 
Δσ’v 

feet feet psf psf psf 

Compres-
sion Index, 

Cc 

Recom-
pression Index, 

Cr 

4238 4228 550 4000 4000 0.22 0.022 
4224 4216 1152.5 4000 3900 0.18 0.015 
4210 4202 2350 1500 2500 0.29 0.020 

Table 5-7 Summary of Contributing Settlement for Soil Profile at Redwood Road and SR-201 

Elevations of Layer Limits 
Top El. Bottom El. 

Layer 
Thickness 

Type of 
Soil 

Contributing 
Settlement 

Cumulative 
Settlement 

Feet feet feet -------- inches inches 
4238 4228 10 CL – ML 1.7 0 (11.0) 
4228 4224 4 SP/SM 0.1 1.7 (9.3) 
4224 4216 8 CL 1.3 1.8 (9.2) 
4216 4210 6 SM – ML 0.3 3.1 (7.9) 
4210 4202 8 CL/CH 7.5 3.4 (7.6) 
4202 4197 5 SM – ML 0.1 10.9 (0.1) 
4197 4183 14 SP – SM 0.0 11.0 (0.0) 
 

Note in Table 5-7 that the first number in the last column is the cumulative 

settlement increasing with depth while the number in parenthesis is the cumulative 
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settlement from the bottom to the top.  It was assumed that no settlement is occurring in 

the dense sands and gravels below the pile tip.   

5.4.3.6 Estimating the Location of the Neutral Plane and Magnitude of Loads using 
Fellenius (1989) and Briaud and Tucker (1997) and Comparison to Actual 
Results 

Now that the elastic compression of the pile, the settlement of the pile into the 

bearing layer and the settlement of the soil are known, both methods may be utilized to 

estimate the location of the neutral plane and distribution of load present in the pile can 

be computed.   

The Fellenius (1989) method involves starting with the structural load (dead load 

only) anticipated to be carried by the pile and then making an envelope of dragload using 

the side resistances shown in Table 5-5 and Equation 5-6.  The dragloads calculated are 

added to the structural load and should obviously increase with depth.  The ultimate base 

resistance was calculated using the equation 

ppp qAQ =  (5-12) 

where Qp is the ultimate base resistance, Ap is the area of the pile at the toe, qp is the 

bearing pressure on the base of the pile and equals the product of γDNq, γD is the vertical 

effective stress at the base, and Nq is a bearing capacity factor.   

The area of the pile point is 1.40 ft2 and the vertical effective stress at the pile 

point is approximately 3,840 psf.  Using a value of 36o for the friction angle of the soil at 

the base of the pile, a value of 90 for Nq was approximated from the Berezantsev et al. 

(1961) correlation of Nq vs. φ.  Based on recommendations by the American Petroleum 
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Institute (API, 1987), the value of qp is limited to a maximum of 200 kips/ft2 for piles 

bearing in dense sand.  Using Equation 5-12, and with the limitation on qp occurring for 

this case, the ultimate base resistance for the pile was estimated to be 279 kips. 

The positive skin friction is similarly calculated, starting at the bottom of the pile 

and an envelope of the positive skin resistance added to the ultimate base resistance is 

drawn.  The location where these two envelopes intersect is the location of the neutral 

plane.  Using the ultimate base resistance rather that the ultimate base force divided by a 

safety factor provides a conservative (deeper) estimate of the neutral plane.  This 

intersection of the two curves should also correspond to the intersection of the total pile 

settlement and the surrounding soil settlement.  For a graphical illustration of the above 

description, refer to Figure 2-16.  Using the data provided in Table 5-5 the load vs. depth 

curve shown in Figure 5-25 was developed.  Based on this curve, the neutral plane was 

estimated to be located at approximately El. 4193 with a maximum load in the pile of 382 

kips.  This corresponds to a dragload of about 244 kips. 

The Briaud and Tucker (1997) method was described in detail in Section 2.4 and 

involves more of an iterative methodology.  Briefly, this method involves calculating the 

dragload, positive skin resistance, end bearing, elastic compression of the pile and pile 

settlement into bearing stratum at each elevation along the pile, assuming that the neutral 

plane was at that elevation.  This creates a pile movement envelope that is compared to 

the settlement profile of the surrounding soil.  Where these two profiles intersect is 

considered to be the neutral plane and the corresponding loads associated with this 

elevation of the neutral plane are the estimated loads in the pile.  Using the same set of 

side resistance data shown in Table 5-5, the Briaud and Tucker (1997) method predicts 
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the load vs. depth curve shown in Figure 5-25.  Based on this curve, the neutral plane is 

estimated to be at approximately El. 4198.5 with a maximum load in the pile of 330 kips.  

This corresponds to a dragload of about 191.6 kips.   

A comparison of the curves in Figure 5-25 indicates that the Fellenius method 

gives a much more conservative estimate of the load in the pile.  This is caused in large 

part by using the total base resistance the pile is capable of rather than only a portion of 

it.  The location of the neutral plane is the key factor in the maximum dragload.  Since the 

Fellenius method typically estimates the neutral plane to be at a lower elevation, the 

method will naturally produce a larger maximum load.  A comparison of the two 

estimated load vs. depth curves with the curves measured from the strain gauges is also 

shown in Figure 5-25.  

From the plot in Figure 5-25 and also from previous discussion in this chapter, the 

neutral plane was at El. 4205 as of the last downloaded readings.  This indicates that the 

elevation for the neutral plane for both estimation methods is lower than the measured, 

thus providing the main reason for the difference in magnitude of the loads.  The 

maximum recorded load in the pile was about 227 kips with a maximum dragload of 98 

kips.  Relative to these measured values, both estimations are conservative, with the 

Fellenius (1989) overestimating the maximum force by 68% and the Briaud and Tucker 

(1997) method overestimating by 45%.  

In addition to the information about the load in the pile to determine the neutral 

plane, the location can also be checked by comparing the pile settlement and soil 

settlement.  This comparison is shown in Figure 5-26.  However, since the settlement of 
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the soil is significantly larger than that of the pile, a close up version of the profiles is 

shown in Figure 5-27.   
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Figure 5-25 Plot of Select Load vs. Depth Curves for Redwood Road and SR-201 Site Showing 
Comparison of Estimated Load in Pile from Methods by Fellenius (1989) and Briaud and Tucker 
(1997) 

From the pile and soil settlement curves, it can be seen that the point of 

intersection is at approximately El. 4202.  This location for the neutral plane agrees 

relatively well with that from the most recently downloaded readings.  However, it 
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should also be noted that the neutral plane was at El. 4213 for the majority of the time 

since monitoring began.  If it would have been possible to measure the settlement within 

the profile over time to know the settlement occurring at different depths, it is possible 

that a better match during the embankment and bridge construction would be possible.  

However, since this information is not available, no additional assumptions can be made.  

Nevertheless, the long-term comparison of elevation is very encouraging.   

4175

4185

4195

4205

4215

4225

4235

4245

4255

0 1 2 3 4 5 6 7 8 9 10 11 12

Total Pile and Soil Settlement (in)

E
le

va
tio

n 
(ft

)

-17

-7

3

13

23

33

43

53

63

D
ep

th
 (f

t)

140 171 202 230 261 305 322 352 383 414 444
505 536 569 595 626 843 868 901 926 Soil

CL-ML

SM & ML

SP/SM & ML

CL - CL/CH

SP-SM

CL

SM - ML

Ground Surface

Top of Pile

Bottom of Pile

SP-SM

 

Figure 5-26 Settlement of Pile and Soil for Redwood Road and SR-201 

5.4.3.7 Comparison of Undrained Shear Strength and Side Friction 

Now that the two methods of design have been used to estimate the location of the 

neutral plane and the magnitude of load in the pile using the information from the 

laboratory and field testing, it is appropriate to show a comparison of how the computed 
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side friction values compare with the measured friction.  The maximum measured side 

friction is plotted as a function of depth in Figure 5-28 along with the upper and lower 

bounds of the undrained shear strength as measured from the laboratory and/or in-the-

field tests in each clay layer.  If the α value is assumed to be 1.0, then the undrained shear 

strength would be equal to the side friction in the clay layer.  Upper and lower bound 

curves were not calculated for cohesionless soil layers and therefore do not have bounds 

as do the cohesive layers.  The squares on the plot correspond to the unconfined 

compression test results performed on samples from a boring drilled by RBG after 

construction.  Overall, there is a good general agreement in most cohesive layers, 

although the presence of sand layers makes an interpretation difficult in some cases.  
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Figure 5-27 Close up of Pile and Soil Settlement for Redwood Road and SR-201 
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Figure 5-28 Comparison Plot of Measured Undrained Cohesion or Calculated Side Friction and 
Maximum Measured Shear Stress vs. Depth for Redwood Road and SR 201 Site 

In addition to the plot shown in Figure 5-28, the actual values for the alpha and 

beta coefficients have been back-calculated from the measured side resistance for 

comparison with the values used to predict the side resistance.  These α values were 
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calculated by dividing the measured side resistance by the undrained shear strength for 

cohesive layers and the β values were calculated by dividing the measured side resistance 

by the initial vertical effective stress for cohesionless layers.  Table 5-8 gives a summary 

of the back-calculated α and β values.  For alpha values, a range is given since there is a 

range of undrained shear strength.  For the cohesionless layer from El. 4216 to El. 4210 a 

range is given since the gauge is directly in the middle of the layer and is used with the 

gauge above and below to calculate a side resistance for that layer.  It appears that the 

estimated and back-calculated values are in general agreement although there are some 

discrepancies.  For example, the back-calculated β values from El. 4228 to El. 4224 are 

much higher than predicted.  In addition, the upper range of the back-calculated α values 

is considerably higher than the estimate of 1.0.  These higher values are likely associated 

with low undrained shear strength values which result from sample disturbance. 

Table 5-8 Summary of Back-Calculated Alpha and Beta Values for Soil Profile at Redwood Road 
and SR 201 

Measured and Estimated alpha (α) Values 
Elevation Range of Soil Layers USCS Class Back-calculated α Estimated α 

4238 4228 CL 0.40 – 4.2 1.0 
4224 4216 CL 0.32 – 2.7 1.0 
4210 4202 CL-CL/CH 0.47 – 7.5 1.0 

Measured and Estimated beta (β) Values 
Elevation Range of Soil Layers USCS Class Back-calculated β Estimated β 

4228 4224 SP/SM & ML 1.5 0.56 
4216 4210 SM-ML 0.19 – 0.33 0.61 
4202 4197 SP-SM 0.53 0.61 
4197 4183 SP-SM 0.35 0.72 

 



6.0 Results from Salt Lake City International Airport 
Site 

To properly understand the data and conclusions obtained from an analysis of the 

raw strain gauge data, various details about the Salt Lake City International Airport site 

(referred to as the SLCIA site) need to be given.  This information includes the following 

information:  abutment layout (configuration of abutment, pile placement, etc…), 

construction history, gauge depth placement and orientation, gauge installation details, 

gauge performance, and the settlement time history.  This information will enable a better 

understanding of the data as they are presented in load versus depth, shear stress and 

settlement plots. 

6.1 Abutment Layout 

The overpass structure constructed at this site was supported by piles at the east 

and west abutments along with a center pier.  The test pile is located in the west 

abutment, where six 14-inch outside diameter steel pipe piles were driven in a single line.  

An overview plan of the project site is shown in Figure 6-1, taken from the geotechnical 

investigation report prepared by RB&G Engineering (RBG, 2004).  Based on the plans, it 

appears the overpass superstructure spans a distance, along the centerline of the overpass, 

of 132 feet from the west abutment to the center pier.   
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Figure 6-1 Plan and Profile View of West Abutment at SLCIA Site 
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The approximate layout of the west abutment will be a combination of MSE walls 

on the abutment face and the north side and an embankment slope on the south side.  The 

abutment layout is shown in Figure 6-1.  The embankment was initially designed to be 

approximately 27 feet high at the abutment, but was later scaled back to be about 16 feet 

high.  The MSE embankment begins approximately 300 feet west of the test pile.  The 

bridge abutment support rests on the six piles previously mentioned, of which the test pile 

is the 2nd from the south.  The piles are regularly spaced 4’-4” apart, with a 3’-7” space 

between the two end piles and the MSE wall.  A space of approximately two feet exists 

between the edge of the pile and the east edge of the abutment (MSE) wall face.   

6.2 Construction Timeline 

The piles for the west abutment were driven on 19 August 2005 with each pile in 

the abutment being driven 65 feet below the ground surface placing the pile tips at 

approximately El. 4152.5.  About 20 feet of pile remained above ground surface at the 

time of driving.  Before the strain gauges were installed in the pile, the pile was cut down 

approximately 4.5 feet, giving a pile top elevation of approximately 4233 feet.  Gauges 

for the site were assembled at Brigham Young University and transported to Salt Lake 

City for installation on 20 September 2005.  The strain gauge setup was assembled and 

installed as described in Section 4.2.2.   

Fill operations began shortly after the strain gauge installation.  Settlement plates 

were placed on the west and east ends of the west approach embankment.  According to 

data provided by RB&G Engineering, the settlement plates were placed on 19 October 

2005 and fill was placed to a height of 13 feet by 5 November 2005 at the east plate 

(location nearest piles).  Fill reached a maximum height of 17 feet during the settlement 
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monitoring period, attaining this height on 3 February 2006.  The abutment fill remained 

constant while expected consolidation settlements occurred.  By 5 June 2006 settlement 

had reached a maximum at about 9.66 inches according to readings taken by RB&G. 

Preparations for the remainder of the construction began in September and 

continued through December 2006 when the parapets were poured.  The ramp was open 

to traffic by late January or early February 2007.  Table 6-1 shows the dates that various 

components of the abutment and bridge were placed, as well as applicable loads applied 

to the test pile by the structural components.  The loads shown in Table 6-1 are those felt 

by the test pile.  The same procedure was used to calculate these tributary loads as was 

used for the Redwood Road site (note the same exclusion of any load for the approach 

slab as done for Redwood Road).  The tributary area for this pile is approximately 15% of 

the total for the abutment.   

Table 6-1 Construction Timeline for SLCIA West Abutment 

Construction Item Date Placed 

Individual 
Applied Pile 

Load 
(kip) 

Cumulative 
Applied Pile 

Load 
(kip) 

Embankment Fill Oct ‘05 - Feb ‘06 ~ 16 ft high ------ 
Pile Cap 1 Sept 2006 8.19 8.19 

Wingwalls 1 Sept 2006 5.63 13.82 
Diaphragm Wall 1 Sept 2006 9.74 23.56 

Girders 25 Sept 2006 22.17 45.73 
Deck 13 Nov 2006 61.57 107.3 

Approach Slab 22 Nov 2006 0 107.3 
Parapets 14 Dec 2006 22.98 130.28 
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6.3 Gauge Information 

In this section, a summary of the information regarding the location of the gauges 

on the pile (i.e. the approximate elevation of each gauge), their installation, working 

history and performance will be presented. 

6.3.1 Depth Placement 

The pile located in the west abutment of the NBAR Flyover Bridge at the SLCIA 

site was instrumented with 18 strain gauges.  Gauge placement was based on the profile 

found in Boring 03-NB-5, which is shown in Figure 3-15.  The methodology for 

determining the depths at which gauges would be placed was the same as that used at 

Redwood Road, namely to place a gauge in as many different soil types as possible and at 

the interface of two layers.  Figure 6-2 shows the placement of the gauges in relation to 

the soil profile.  The profile shown in Figure 6-2 is taken from the idealized soil profile 

(with smaller layers often within the generally identified layers) used for the settlement 

and stability analyses performed by RB&G.   

6.3.2 Site Instrumentation and Equipment History 

Strain gauges at the SLCIA site were installed on 20 September 2005, as 

discussed in Section 6.2.  Concrete was placed in the pipe pile the same day, immediately 

following the placement of the gauges within the pile.  Strain gauges were connected to 

the programmed data logging system and initial readings were taken on 26 September 

2005.  Readings were to be taken every minute and stored every hour on the hour.   

Continuous readings were taken from 26 September 2005 until 24 January 2008.  

Throughout this time, there are four (4) periods in which readings are missing or 
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erroneous.  The first time period spans from 7 September 2006 to 15 September 2006.  

When the author went to the site to download data on the 7 September 2006, the data 

logger would not connect to the computer to download the readings.  The data logger was 

exchanged with a spare data logger by 15 September 2006 and the malfunctioning data 

logger was sent to the company for repair.  The data stored prior to 7 September 2006 

was recovered, provided to the author and the logger was repaired.  

The next period of missing/errant data spans from 14 December 2006 to 26 

January 2007.  During this time period the data logger operated erratically.  A large 

number of readings (totaling to 192 hours between all the gauges) were missing and an 

additional 14 hours show erroneous readings.  The reason for this malfunction is not 

known.  It is possible that severe weather could have been the culprit, since most of the 

missing readings tended to be in the late night or early morning hours when it would have 

been coldest, but this theory is not verifiable.  While comparing the outside conditions 

during the previous winter when little or no malfunctioning occurred, the temperatures 

were not significantly different, thus making it difficult to understand why this 

malfunctioning occurred.  It is also possible that small amounts of water may have frozen 

on the data logger and caused momentary shorting until they thawed, before they refroze.  

Whatever the reason or reasons, the data logger seems to have returned to accurate and 

consistent readings from that time on.   

The third period of missing data is from 29 January 2007 to 20 February 2007.  

The gap in readings during this time period was caused by a delay in downloading the 

data.  The readings taken after 20 February 2007 do not indicate any significant variation 

 178



from readings prior to the gap, and thus do not compromise the overall results of the 

monitoring process. 
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Figure 6-2 Location of Gauges on Test Pile at SLCIA Site Relative to the Soil Layering 
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A fourth time period, similar to the previously mentioned periods, occurred from 

1 December 2007 to 31 December 2007 and again from 6 January 2008 to 12 January 

2008.  A total of 11 days during the December time frame contained missing information 

for more than one hour of the day.  Later, the gauges appeared to stabilize and gave 

readings which appear to be consistent. 

6.3.3 Gauge Performance 

From the time the gauges were initially hooked up to the data logger, all gauges 

have worked with no major difficulties or problems, besides those enumerated in the 

previous section, with two exceptions.  The gauge on the east side of the pile at a depth of 

32.5 feet (El. 4185) recorded erratic values for strain and no values for temperature from 

the beginning of monitoring.  A few days later, on 30 September 2005, the gauge ceased 

to give any strain measurements.  However, after the replacement of the data logger on 

15 September 2006, the gauge began to record both temperature and strain measurements 

that seem credible and consistent.  The data from that time is not being used in the results 

of the data, primarily due to the fact that no firm initial value can be used since the gauge 

gave erratic measurements from the start.   

The other exception is one gauge within the embankment fill at El. 4225.  

Beginning 11 June 2007 (622 days) the west gauge missed temperature readings, 

typically for a block of hours.  The typical block of hours was from 3 AM to 9 AM, but at 

times would extend from 8 PM to 11 AM.  By 21 August 2007 (693 days) the 

temperature readings were having fewer problems, with less frequent missing 

occurrences.  From 4 September 2007 to 5 October 2007 the temperature readings were 

accurate.  Then, again from 6 October 2007 to the present, occasional temperature 
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readings are missing, but not in a large quantity.  The missing readings were calculated 

using the relative change in the east gauge, which has worked without fail. 

6.4 Presentation and Discussion of Data and Analyses 

The strain readings collected from the individual gauges have been reviewed and 

reduced to obtain axial stress and axial load; unit shear stress; and pile 

settlement/compression as discussed in Chapter 4.  Analyses have been completed 

according to the equations stated in Chapter 4.  Each of the previously stated items will 

be discussed in the following sections.  The same methodology for analysis, reporting 

and discussion is used in this chapter as was used in Chapter 5 in the discussion of the 

Redwood Road and SR 201 site.   

6.4.1 Axial Stress and Axial Load 

Axial stress and axial load are related very closely to each other as one calculation 

is simply the product of a constant multiplied by the other.  For this reason, the axial 

stress and axial load will be presented and explained together.   

6.4.1.1 Derivation of Axial Stress and Axial Load 

Axial stress in the pile is a product of the strain and the composite elastic modulus 

of the pile.  The individual elastic moduli and cross sectional areas, in addition to the 

composite EA of the pile are found in Table 6-2.  The area of the inclinometer pipe has 

been subtracted from the area of the concrete. 

The modulus of elasticity for steel is a typical value based on manufacturing 

specifications.  The modulus of elasticity for the concrete is based on the value for fc’ 

being 4,420 psi.  This value is taken from 28-day compressive strength tests performed 
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on cylinders taken from the concrete poured on the day the gauges were installed.  The 

tests were performed by RB&G Engineering on 18 October 2005.  Two separate 

cylinders both yielded a failure stress of 4,420 psi.  The minimum acceptable 

compressive strength for concrete specified in the plans for the piles in this project was 

4,000 psi.  Strain measurements at the very top of the pile are calculated in the same 

manner as they were for the Redwood Road and SR 201 site by using Equation 5-1.  

Using the composite AE value for the pile and concrete, the values for axial load have 

been calculated using Equation 4-2.   

Table 6-2 Values for Modulus of Elasticity for Test Pile at the SLCIA Site 

Material Elastic Modulus, E 
(psi) 

Cross Sectional Area 
(in2) 

AE 
(lbs) 

Steel 29,000,000 10.80 313,177,518 
Concrete 3,789,536 136.07 515,642,986 

Composite N/A 146.87 828,820,504 
 

6.4.1.2 Presentation and Discussion of Results for Load vs. Depth Curve 

Plots of the load versus depth curves at various times for the east and west side 

gauges are presented in Figure 6-3.  The same difficulty is presented in the results for the 

gauges on the test pile at the SLCIA site as was manifest at the Redwood Road and SR 

201 site.  A step-by-step discussion of the gauge results at each location will be provided 

as part of the effort to configure a load plot that is consistent for the pile.  This discussion 

focuses on the plots provided in Figure 6-3. 
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Figure 6-3 Comparison of West and East Gauges for SLCIA Site 



6.4.1.2.1 Gauge Inconsistencies 

Overall, the decision making process for these gauges was much easier than for 

the Redwood Road site.  For the first gauges at El. 4225, placed in the embankment fill, 

both gauges seem to be working consistently enough that using the average of the two 

gauges seems to correct all but one errant value near the beginning of the recording 

process.   

At El. 4215.5 (2 feet below original ground surface, OGS) the gauge for the west 

side tends to split half and half with positive (tension) and negative (compression) 

loading.  However, the east gauge shows the pile completely in compression.  When an 

average of the two gauges is used, the larger magnitude of the east gauge is sufficient to 

keep the pile in compression loading, thus making this option appear to be the most 

feasible.  However, it is quite possible that bending in the pile may be occurring. 

The two gauges at El. 4205 show dramatically different results.  The west side 

gauge indicates significant tension, while the magnitude of the east gauge is generally 1.5 

to 2 times that of the west side load, but in compression.  This would seem to indicate a 

large bending that may exist in the pile.  The direction of the bending does seem to be 

rational as the majority of the embankment is behind the piles, with only two (2) feet of 

soil in front of, and between the piles and MSE wall.  This difference in quantities of soil 

may be causing the top of the pile to bend slightly towards the abutment wall face, thus 

putting the east side in compression and the west side in tension.  This would also be 

possible since the gauges are approximately 12.5 feet below OGS, and hence are high 

enough up to possibly exhibit a bend.  As far as deciding between what to use for this 

elevation, the decision was made to use an average value.  This is done for two reasons.  
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First, using the high tension value from the west gauge would be completely inconsistent 

with all trends the data should be showing.  Second, the use of only the east gauge, with 

its large value would not be consistent with the trend of values for the remaining gauges.  

For these reasons, an average of the two gauges appears to be the best option. 

A similar, yet not as dramatic pattern is seen in the gauges at El. 4200 (17.5 feet 

below OGS).  Since it is likely the case that a bend may exist, with the maximum bending 

at El. 4205, it is expected that at greater depths the curvature should right itself and 

possibly show a small tendency towards the other direction, creating a slight wave 

pattern.  The use of an average value at this elevation also appears to be the most correct 

and consistent with results for other gauges. 

Gauges at El. 4195 (22.5 feet below OGS) do show a possible tendency for a 

change in curvature in the pile following the large bend exhibited at El. 4200.  At this 

elevation both gauges are in compression, however the east gauge in this instance is less 

in compression.  The magnitude of the difference between gauges is much smaller than 

that for the two preceding depths, but shows an expected trend, based on the two sets of 

gauges directly above this elevation.  Since the gauges show fairly consistent results, an 

average of the two appears to be appropriate. 

At El. 4185 (32.5 feet below OGS) rests the one gauge that did not properly work 

since the beginning of the recording.  The east gauge, as stated in Section 6.3.3, gave 

erratic values from the time it was hooked up and only after being hooked up to a 

different data logger almost a year later has given measurements that appear to be 

plausible.  Since data for this east gauge has been interpolated based on the performance 
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of the gauges in the near vicinity, and also since the data for the west gauge seems to 

exhibit credible behavior, using just the west gauge appears to be the best option. 

Readings at El. 4175.5 (42 feet below OGS) show an anomaly that is not easily 

explainable.  Since very little to no bending should be occurring at this depth, and also 

noting the consistent behavior of the gauges above and below, especially on the west 

side, the behavior of the east side gauge seems highly unlikely and may be the result of a 

damaged or otherwise malfunctioning gauge.  The use of an average value is tainted by 

the sufficiently high magnitudes of the east gauges and it therefore follows that the use of 

the west gauge by itself may be the best. 

Readings for El. 4165.5 and El. 4155 (52 and 62.5 feet below OGS, respectively) 

seem to show consistent behavior for both gauges.  An average of the two gauges at both 

elevations seems appropriate.   

6.4.1.2.2 Recommendations for Gauge Usage 

The opinion of the author has been stated as to the use of one or both gauges for 

each elevation in the preceding section.  In making the decisions as to what gauge or 

combination of gauges should be used, similar reasoning and justification as used in the 

discussion of the Redwood Road site has been used.  An effort was made to create a plot 

showing consistent results of the data available, and to allow for useful comparisons in 

other facets of the analyses.  Table 6-3 shows a summary of the author’s decisions 

regarding the use of gauges to create a “best fit” plot of data for the load versus depth 

profile.  Figure 6-4 shows the “best fit” load versus depth plot of the gauges chosen for 

this pile.  The overall appearance of the curves looks as it should and appears to be much 

more consistent than that seen at the Redwood Road site.  In large part, this is likely due 
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to less malfunctioning of the gauges than what occurred at Redwood Road.  A simplified 

version of the load versus depth curves over time is presented in Figure 6-5.  This plot 

highlights key points in time over the duration of monitoring. 

Table 6-3 Combination of Gauges used to Create Consistent Load Plot 

Gauge Elevation 
(ft) Gauge(s) Used 

4225 Average of East and West gauges 
4215.5 Average of East and West gauges 
4205 Average of East and West gauges 
4200 Average of East and West gauges 
4195 Average of East and West gauges 
4185 West gauge only 

4175.5 West gauge only 
4165.5 Average of East and West gauges 
4155 Average of East and West gauges 

 

6.4.1.3 The Neutral Plane and History of Dragloads 

The position of the neutral plane for this pile is much more constant than what 

was seen for the Redwood Road site.  The neutral plane was not clearly identifiable at 

any particular elevation until day 18 (15 October 2005) when it settled at El. 4175.5.  The 

neutral plane remained at this location until day 37 (3 November 2005) when it moved up 

to El. 4185.   

A look at the settlement time history as monitored by personnel from RBG will be 

helpful in understanding the position of the neutral plane with respect to at least the 

settlement during primary consolidation.  The settlement device was placed near the test 

pile location and was monitored during the embankment construction to an embankment 

fill height of 17 feet (the redesigned embankment height).  Figure 6-6 contains the 

settlement versus fill relationship for the 17-foot high embankment.  
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Figure 6-4 Plot of Axial Load vs. Depth and Time using Best Combination of Gauges for SLCIA Site 

It can be seen that most of the settlement was complete by the beginning of March 

2006.  A quick survey of the loads in the pile indicate that dragloads developed and 

increased quickly during the first three to four weeks and then more gradually after that 

to about the first of March 2006.  After this time, dragloads continued to increase, but at a 

slower rate, until structural loads were introduced 

 188



-300000 -200000 -100000 0 100000

Load (lbs)

Day

0
13

129
339
363
412
421
443

Date

26 Sep 05
20 Oct 05
3 Feb 06
1 Sep 06

25 Sep 06
13 Nov 06
22 Nov 06
14 Dec 06 

Item

Initial
Embankment*

Embankment**
Abutment***

Girders
Deck

Approach Slab
Parapets

* Day 1 of RBG Settlement Readings 
from Embankment Loading    
** Date Embankment Height Reached 
17.0'  According to RBG Information  
*** Abutment Includes the Pile Cap, 
Wingwalls and Diaphragm Walls

-16

-6

4

14

24

34

44

54

64

74 4145

4155

4165

4175

4185

4195

4205

4215

4225

4235

Depth 
(ft)

Elevation 
(ft)

Gravel Fill

Soft Clay (CL)

Silty Sand (SM)

Soft Clay (CL)

Lean Clay (CL)

Silty Sand (SM)

Lean Clay (CL)

Silty Sand (SM)

Lean Clay (CL)

Silty Sand (SM)

Embankment

Bottom of Pile

Top of Pile

Ground Surface

Soil Profile Legend

 

Figure 6-5 Simplified Plot of Axial Load vs. Depth and Time for SLCIA Site 

The neutral plane has remained at El. 4185 up to the last time data was 

downloaded on 24 January 2008.  Despite any and all structural loads that were placed 

for the bridge, the neutral plane has not appeared to have any tendencies to change to a 

different elevation, although the dragloads in the pile have been effectively reduced by 

their addition.   

Looking at the history of the dragload in the pile, as was done for the Redwood 

Road site, sheds light on the interaction of embankment and structural loading with 
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dragloads.  Table 6-4 gives a summary of the dragloads for some of the more important 

times. 
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Figure 6-6 Settlement vs. Fill Height for SLCIA Site (data provided by RB&G Engineering) 

.  
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Table 6-4 History of Dragload for Pile at SLCIA Site 

Date/Description 
Days 
Since 
Initial 

Total 
Load 
(kips) 

Structural 
Load 
(kips) 

Dragload 
(kips) 

Elevation 
of Neutral 
Plane (ft) 

6-5-06/End of Settlement 
(last RBG reading) 251 125.14 0 125.14 4,185 

8-27-06/Maximum Dragload 
before Structural Loads 334 127.26 0 127.26 4,185 

9-1-06/After Abutment 339 127.12 23.55 103.57 4,185 
9-24-06/Just before Girders 363 130.31 23.55 106.76 4,185 

9-25-06/After Girders 364 132.23 45.72 86.51 4,185 
11-12-06/Just before Deck 411 151.63 45.72 105.91 4,185 

11-13-06/After Deck 412 151.75 107.30 44.45 4,185 
12-14-06/All Structural 

Loads in Place 443 169.16 130.28 38.88 4,185 

7-14-07/Maximum Load 
Recorded in Pile 655 184.78 130.28 54.50 4,185 

1-23-08/Last Reading (13 
Months after all Loads) 848 183.05 130.28 52.77 4,185 

 

As can be seen in Table 6-4, consolidation settlement was essentially completed 

at 251 days and the maximum dragload in the pile of 127.3 kips occurred at this point 

before any structural loads were placed.  After placing the abutment/pile cap, the 

dragload was reduced by the full amount of the load of the abutment/pile cap.  With each 

successive addition of structural loading, the dragload was decreased, generally by a 

value very close to the load applied by the structural component.  A good example of this 

is the addition of the deck.  The deck added about 61.6 kips to the pile, and the dragload 

was reduced by about 61.5 kips.  Therefore, even though 130 kips were applied to the top 

of the pile by structural loads, the maximum (total) load in the pile due to downdrag and 

structural load combined only increased by about 42 kips.   

A close review of the data in Table 6-4 indicates that the 42 kip increase was due 

to a redevelopment of dragload with time after the structural loads were placed.  This 
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could be a result of secondary settlement in combination with the placement of the 

approach slab in late November which may have induced some additional consolidation 

settlement.  During the last 13 months of the record after the last structural loads were 

applied, the dragload has increased by 14 to 16 kips.  This increase could also be 

attributed to soil settlement produced by secondary consolidation.   

The reduction in the dragload produced by the application of structural loads at 

the SLCIA sites stands in contrast to observations at the Redwood Road site where the 

dragload remained relatively constant even after structural loads were applied.  The 

difference appears to be attributable to the fact that primary consolidation was essentially 

completed before the structural loads were applied to the piles at the SLCIA site.  In 

contrast, consolidation settlement was continuing while structural loads were applied at 

the Redwood Road site.  Based on this information, it can be seen that when relatively 

large amounts of settlement are still occurring, the dragload will not decrease as 

substantially as it would were the settlement complete. 

Another item of note from Table 6-4 is the maximum load in the pile of 184.8 

kips, which occurred on day 655 (14 July 2007) after all the structural loads had been 

applied.  The corresponding dragload at this time was 54.5 kips, which is less than half of 

the maximum dragload recorded prior to structural loading.  At the end of the currently 

downloaded readings, the dragload is less than half the dragload just before the surcharge 

was placed and is not increasing at a significant rate.  

6.4.1.4 Immediate Effect of Structural Loading 

The analysis of the structural loading sequence for the SLCIA site was done in the 

same manner as it was done for the Redwood Road site.  Full details of the purpose of 
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this analysis are found in Section 5.4.1.4.  An analysis of the various loadings (in the 

following order: abutment – comprised of pile cap, diaphragm and wingwalls; girder 

placement; concrete deck pour; approach slab; and parapets) shows the same 

inconsistencies and problems as observed during the analysis of the Redwood Road site.   

Since, unfortunately, no conclusions can be reached by the analysis of the data, no further 

discussion will be given on this topic.  In further research, it is possible that taking 

readings in smaller time increments, such as 5 or 10 minutes, may catch changes more 

clearly.  However, it is also possible these smaller time increments may show reactions of 

the pile to brief construction related operations and obscure the effects of the structural 

loading itself. 

6.4.2 Shear Stress 

Calculating shear stress along the pile is a way to quantify the skin friction acting 

on the pile at various elevations.  This becomes useful as the α and/or β coefficients can 

be back-calculated for either a total or effective stress analysis, respectively. 

6.4.2.1 Derivation of Shear Stress Calculations 

As described in Section 5.4.2.1, the shear stress for the different segments has 

been calculated by both the “double segment” and “single segment” methods as discussed 

in Sections 4.4.1 and 4.4.2.  No review of the equations will be repeated here.  Just as in 

the calculation of the shear stress for the Redwood Road site, the double segment shear 

stress calculation provides an average value of the two single segment calculations (see 

Figure 6-7).  Since using the double segment method runs into difficulties near the 

neutral plane, the single segment method was also used for this pile. 
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6.4.2.2 Presentation of Shear Stress Data and Analyses 

  In this section, the measured shear stress will be plotted as a function of time for 

each section of the pile between two gauges.  As each segment is discussed it is important 

to remember the following: 

• Shear stress for segments above the neutral plane should be negative due to 

downdrag at least prior to structural loading. 

• Shear stress for segments below the neutral plane should be positive. 

• Alternations between positive and negative shear stress generally indicate a 

change in neutral plane elevation. 

• Data used for gauges at El. 4185 and El. 4175.5 are based on the west gauge only 

since values for the east gauge were either inconsistent or nonexistent. 

• Day “0” on the following plots is 27 September 2005. 

-400

0

400

800

1200

1600

2000

0 100 200 300 400 500 600 700 800 900

Days into Study

U
ni

t S
he

ar
 S

tr
es

s (
ps

f)

SS (4185 to 4175.5) SS (4175.5 - 4165.5) DS (4185 - 4165.5)

Embankment 
in Place

Abutment
Girders

All Structural Loads

Deck

 

Figure 6-7 Comparison of Single Segment and Double Segment Methods for Calculating Shear Stress 
between El. 4185 and El. 4165.5 
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6.4.2.2.1 Shear Stress between El. 4233 and El. 4225 

This section runs from the top of the pile to approximately the middle of the 

embankment fill.  The fill material, according to the subsurface investigation report 

prepared by RBG indicated a granular material within the MSE wall with a friction angle 

of 35o and a unit weight of 135 pcf.  The shear stress time history plot for this section is 

shown in Figure 6-8.   

The trends in the plot are consistent with what is taking place.  From the 

beginning of the readings to the time just prior to the structural loading, negative shear 

stress develops as the soil settles relative to the pile due to the stress induced by the 

embankment.  After structural loads are applied, the shear stress changes from negative to 

positive because the loads cause the pile to settle relative to the surrounding soil and 

resist the applied load.  Compression of the pile is greatest near the point where the load 

is applied.  From gauge measurements, the maximum shear strength appears to be near 

2000 psf. 

6.4.2.2.2 Shear Stress between El. 4225 and El. 4215.5 

The soil around this section consists of granular fill composed of silty sandy 

gravel (GP-GM).  The gauges cover a zone about 7.5 feet above the original ground 

surface to a depth of 3 feet below the original ground surface.  Firstly, it should be noted 

that the shear stress has always remained negative, as would be expected because it is 

above the neutral plane.  The increase in negative shear stress at the start was likely 

caused by placement of the embankment fill.  A close comparison of the settlement over 

time for this site indicates a correlation between the times of slower (less magnitude) 

settlement and the decrease in negative shear stress.  This change is logical and expected.  
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After settlement once again picked up, a similar increase in negative shear stress is 

observed.   
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Figure 6-8 Plot of Shear Stress between El. 4233 and El. 4225 

As structural loads were placed, beginning with the abutment the shear stress 

rapidly changed from -500 psf to around -100 psf.  This pattern is in accordance with 

previous research and the general theory of negative skin friction.  As additional load is 

added to the piles, thus causing the piles themselves to compress and/or settle, negative 

skin friction should be decreased or eliminated if the applied load is great enough.  An 

undulating pattern is very evident in the plot of the shear stress for this section as shown 

in Figure 6-9, and is considered to be caused by the proximity to the structural loading.  

This section is second only to the section above it in terms of being affected by transitory 

(short-term) loads that may or may not be felt by other sections located deeper in the pile.  

Overall, there has been a general leveling in the amount of shear stress, although it does 

still fluctuate.  The transition back and forth between negative and positive shear stress 
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near the end of the time history, may be due to continued creep in the pile, then followed 

by continued secondary consolidation. 

6.4.2.2.3 Shear Stress between El. 4215.5 and El. 4205 

The shear stress time history for this section, as shown in Figure 6-10, is similar 

in many ways to the section just above it, except without the excessive undulation in the 

later portion of the plot history.  The soil adjacent to the pile within this section consists 

of a 6-foot layer of lean clay (CL-ML) and a 4.5-foot layer of silty sand (SM).   
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Figure 6-9 Plot of Shear Stress between El. 4225 and El. 4215.5 

One thing to point out is that the three change-overs from positive to negative 

shear stress do not indicate, in this instance, a change in location of the neutral plane 

since the settlement of the soil is still greater than that of the pile.  The neutral plane, with 

the exception of the first 18 days, has always been at least 32.5 feet below the original 

ground surface.  Since this section is still near the original ground surface (within the top 
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13 feet), susceptibility to short-term loads is a possible factor influencing the behavior 

seen in this section.  Once again it can be seen that the structural loading caused the 

negative shear stress, which reached a maximum of 650 psf to become positive for a 

time.  However, subsequent settlement has apparently led to a resumption of negative 

skin friction of about 500 psf.  The reason for the final shift back to positive skin friction 

is not known, especially since the sections above and below this depth show more 

positive and expected trends.  Although the neutral plane has not shifted up to this 

elevation, it is clear that the combination of structural loads and surrounding soil 

settlement has caused continual change in this section. 

-700.0
-600.0
-500.0
-400.0
-300.0
-200.0
-100.0

0.0
100.0
200.0
300.0

0 100 200 300 400 500 600 700 800 900

Days into Study

U
ni

t S
he

ar
 S

tr
es

s (
ps

f)

Embankment 
in Place

Abutment
Girders

All Structural Loads

Deck

 

Figure 6-10 Plot of Shear Stress between El. 4215.5 and El. 4205 

6.4.2.2.4 Shear Stress between El. 4205 and El. 4200 

Shear stress in this section generally follows the pattern expected.  This section 

has the upper gauge located in silty sand (SM) layers, as mentioned previously with the 
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bottom gauge located near a thin (one foot) clay (CL) layer sandwiched between two silty 

sand (SM) layers.  In between the gauges are two- to three-foot thick layers of lean clay 

(CL-1) and silty sand (SM) soils.  As shown in the time history in Figure 6-11, the shear 

stress in this section is positive until shortly after the 15-day reading.  As described in 

Section 6.4.1.3 in the discussion of the location of the neutral plane, the neutral plane did 

not settle on a single location until day 18 (15 October 2005) which explains the slight 

positive side friction at the very beginning.  When settlement began and continued, 

negative skin friction was mobilized.  This behavior is clearly shown in Figure 6-11.  

During consolidation and before the abutment was poured, the negative shear stress 

increased with some consistency.  After the abutment was poured, negative skin friction 

was arrested, although it did not decrease significantly.  The slight reduction in negative 

shear stress may have been caused by slow creep in the pile, but was evidently not 

sufficient to overcome the remaining secondary consolidation occurring in the soil, thus 

an increase in negative shear stress is still seen. 

6.4.2.2.5 Shear Stress between El. 4200 and El. 4195 

The shear stress behavior in this section, shown in Figure 6-12 follows the same 

general pattern as the sections above it.  The upper gauge lies in the sandwiched clay 

(CL) layer spoken of in the preceding section and the lower gauge rests near the border of 

a sandy silt/clay (CL/ML) layer and a lean clay (CL) layer.  A lean clay (CL-2) layer lies 

in between these layers. 
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Figure 6-11 Plot of Shear Stress between El. 4205 and El. 4200 

The only marked difference between this section and the others that have been 

discussed is the large shift in shear stress immediately after the deck was poured.  It 

seems that settlement had done most of its work at inducing negative skin friction by 

about 150 days into the process, with a small amount of increase as time went on.  After 

the abutment and girders were constructed the negative skin friction was arrested for a 

time, and then a large (700 psf) jump is seen.  The other notable part of this occurrence is 

that consistent behavior has been recorded following this occurrence.  It is possible that 

there has been relatively little soil settlement at or below this location, thus not able to 

induce a significant increase in negative shear stress.  However, the fact that the final 

stress level is consistent with that for the sections above and below suggests that the 

earlier strain gauge readings may have overestimated the actual shear stress. 
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Figure 6-12 Plot of Shear Stress between El. 4200 and El. 4195 

6.4.2.2.6 Shear Stress between El. 4195 and El. 4185 

The section between El. 4195 and El. 4185 shows generally consistent behavior 

relative to the other gauges but with a problematic ending.  The soil within this section 

consists of 5 feet of lean clay (CL) with sand lenses, 2.5 feet of silty sand (SM), and 

nearly 3 feet of silty, sandy lean clay (CL/ML).   

Initially, the shear stress in this section, as shown in Figure 6-13, becomes 

progressively more negative as settlement occurs; however, the behavior after day 400 

appears to be in conflict with the logical pattern that would be expected.  The first 

problem is the slight increase in negative skin friction after the deck was poured instead 

of a decrease as recorded by the other sections.  In addition, rather than staying constant 

after the completion of settlement and the application of structural loads, the shear stress 

becomes progressively more negative.  There does not seem to be an explanation for this 

 201



behavior, except that the increase could potentially be caused by drift in the strain gauges 

over time. 
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Figure 6-13 Plot of Shear Stress between El. 4195 and El. 4185 

6.4.2.2.7 Shear Stress between El. 4185 and El. 4175.5 

The soil within this section consists almost entirely of lean clay (CL).  As 

mentioned in Section 6.4.1.3 and Section 6.4.2.2.4, the neutral plane resided alternately 

between El. 4225 and El. 4215.5 for the first 17 days of recording after which it rested 

near El. 4175.5 for an additional 19 days and then made its final move to near El. 4185 

where it has remained.  Confirmation of the above information is manifest in Figure 6-14, 

as the change from negative to positive skin friction occurs after 38 days of recording.  

Over time, positive skin friction has built up, with noticeable increases occurring after the 

girders and deck were placed/poured.  Although the shear stress continues to increase 
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slightly with time, it appears that an equilibrium state has been reached.  The small 

increases in stress here could potentially be due to gauge drift. 
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Figure 6-14 Plot of Shear Stress between El. 4185 and El. 4175.5 

6.4.2.2.8 Shear Stress between El. 4175.5 and El. 4165.5 

The upper gauge for this section rests near the border of the silty lean clay (CL) 

and poorly graded sand with silt (SP-SM) mentioned in the previous section and the 

lower gauge rests near the border of a layer of silty clay with sand (CL) and a silty fine 

sand (SM) layer.  A three foot thick layer of silty sand (SM) was encountered between 

the layers already mentioned.   

The behavior of this section has a similar abnormality as did the section from El. 

4195 to El. 4185 as discussed in Section 6.4.2.2.6.  The increase in positive shear stress 

near the beginning of the history shown in Figure 6-15 is expected as this section is near 

the toe of the pile.  However, the 200 psf decrease between days 35 and 65 does not seem 
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to correlate with any other known construction activities.  It is possible the reduction and 

subsequent increase in the positive shear stress could be associated with the pile 

settlement due to the development of end-bearing resistance.  The problematic part about 

this history is the decrease in positive shear stress after structural loads are applied to the 

piles.  At this depth, positive skin friction would normally be expected to increase as 

structural loads are applied.  The reduction in shear stress could be associated with strain-

softening in the denser sands in this interval.  Readings over the last number of months 

seems to indicate that an equilibrium has been reached, but the cause for it to be at a 

value nearly 700 psf less than the maximum shear stress.  This could be the residual 

stress for the soil in this section. 

6.4.2.2.9 Shear Stress between El. 4165.5 and El. 4155 

Shear stress in this section appears to typify the expected reaction to applied 

loadings, both fill surcharge and structural loads.  This section’s upper gauge rests near 

the border of a two foot thick silty clay with fine sand (CL) layer and a five foot thick 

layer of silty find sand (SM) as mentioned previously and the lower gauge is located 

within a four foot thick layer of silty fine sand (SM).  A 2.5-foot lean clay (CL) layer is 

found among the predominantly silty sand soils. 

The shear stress climbed in the positive direction as the embankment fill was 

placed and leveled off as it reached its peak.  As the embankment induced settlement 

decreased in speed and magnitude, the shear stress even decreased somewhat.  However, 

after structural loads were placed, especially the girders, the shear stress increased by 

more than double the value it was at the time just prior to the abutment construction.  
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After the structural loads were all placed, the shear stress has leveled off again and has 

remained relatively constant for the past 100 days. 
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Figure 6-15 Plot of Shear Stress between El. 4175.5 and El. 4165.5 

6.4.2.2.10 Summary of Shear Stress Values for Sections of Pile 

Overall, the results of the shear stress analysis for this pile agree reasonably well 

with the expected behavior, with a few obvious exceptions as noted in the previous 

sections.  The expected behavior largely comes from the position of the neutral plane 

over the course of time.  The sections that appear to have more obvious abnormalities are 

those sections from El. 4215.5 to El. 4205, El. 4195 to El. 4185 and El. 4175.5 to El. 

4165.5.  These sections tend to follow the expected behavior until at least day 100 and 

often until day 400 before going astray.  Despite the irregularities shown in these 

sections, the overall results are encouraging and tend to support the reliability of the 

information obtained from the strain gauges. 
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Figure 6-16 Plot of Shear Stress between El. 4165.5 and El. 4155 

6.4.3 Comparison of Estimated to Actual Results 

The same manner of presentation and discussion of the two methods used for the 

Redwood Road site will be used here.  Explanations given for the Redwood Road site 

will not be repeated and the reader is referred to Section 5.4.3 to review any explanations 

required. 

6.4.3.1 Estimating the Location of the Neutral Plane 

Once again, the “Unified Design” method by Fellenius and the method developed 

by Briaud and Tucker will be used to estimate the location of the neutral plane with the 

information provided by the laboratory and field data. 

6.4.3.2 Estimation of Side Resistance 

Table 6-5 shows the summary of the soil parameters used to compute the unit side 

resistance for each layer along with the side resistance estimated for each soil layer.  
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Once again, the a value has been assumed to be 1.0 for all clay layers.  Based on the unit 

side resistance shown in Table 6-5, the dragloads or positive skin resistance were 

calculated by using Equation 5-6. 

Table 6-5 Summary of Alpha and Beta Values and Estimated Side Resistance for SLCIA Site 

γm σ’vo φ β Su fs Elevation Extents 
of Soil Layer USCS Class pcf psf deg  psf psf 

4233 4219 ---------- 135 ---- ---- ---- ---- 1500 
4219 4215 GP 125 230 33 0.61 ---- 140 
4215 4208.5 CL 115 665 ---- ---- 380 380 

4208.5 4203 SM 115 980 28.5 0.53 ---- 520 
4203 4196 CL 105 1275 ---- ---- 325 325 
4196 4190 CL 105 1550 ---- ---- 410 410 
4190 4187.5 SM 125 1755 30 0.56 ---- 980 

4187.5 4175.5 CL 115 2150 ---- ---- 630 630 
4175.5 4167.5 SM 130 2738 34 0.64 ---- 1745 
4167.5 4165.5 CL 115 3060 ---- ---- 760 760 
4165.5 4150 SM 130 3635 34 0.64 ---- 2315 

 

6.4.3.3 Derivation of Pile Compression and Pile Settlement 

As set forth in Section 5.4.3.3, settlement of the pile is a combination of the 

elastic compression of the pile and settlement of the pile at the pile tip.  The equations for 

the compression of the pile at gauge elevations and at midpoint elevations between 

gauges were presented in Sections 4.5.1 and 4.5.2 as shown in Figure 4-13 and Figure 

4-14.  An equation to calculate the expected elastic compression of the pile, scompression, 

was given as Equation 5-7.  Equation 5-8 through Equation 5-11 were also used to 

calculate the settlement of the pile into the bearing stratum.  Equation 5-10 cannot be 

used for this site since no CPT testing was performed.  A summary of the pile 

compression and settlement values is given in Table 6-6. 
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Table 6-6 Summary of Calculated Pile Compression or Settlement Values 

Type of Settlement Equation Used Calculated Compression or Settlement 
Elastic Pile 

Compression Equation 5-7 0.13 inches 

Pile Tip Settlement Equation 5-8 0.38 inches (range of 0.27 to 0.61 inches) 
Pile Tip Settlement Equation 5-9 1.98 inches 
Pile Tip Settlement Equation 5-11 0.35 inches (range of 0.25 to 0.56 inches) 

 

The following values were used in the calculation of the above settlements:  For 

Equation 5-7; Qp is 110,500 lbs, L is 82 feet (984 inches), AE is 8.2882 X 108; for 

Equation 5-8; qup is 280 psi (using 43,100 lbs for load at base), B is 14 inches, Ei is 7,500 

psi, μ is 0.375 and Iup is 0.85; for Equation 5-9; pf is 988.3 kips, B is 28.83 feet, pile cap 

width is 3 feet, D is 82 feet and N’ is 80; for Equation 5-11 all required terms are same as 

Equation 5-8.  

Settlements calculated by Equations 5-8 and 5-11 are close to each other (as they 

should be) and once again the settlement predicted by Equation 5-9 does not appear 

credible.  No load tests were performed at this site, therefore, it is not possible to compare 

against measured load-settlement data.  A pile compression of 0.13 inches and a pile 

settlement of 0.35 inches will be assumed to approximate the total movement of the pile 

giving a total pile head movement of 0.48 inches. 

6.4.3.4 Presentation of Measured Pile Compression Results 

Curves showing the computed elastic distortion of the pile throughout time are 

shown in Figure 6-17.  These curves were calculated by the methods set forth in Sections 

4.5.1 and 4.5.2 and are based on the compression of the pile due to loads produced by 

dragload and structural load.  These curves do not include settlement of the pile due to 

compression of the soil underneath the pile cap.  As of 23 January 2008 the maximum 
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compression of the pile was approximately 0.133 inches.  The elastic distortion 

settlement curves have remained relatively consistent with time for the past year.  The 

pile compression calculated by Equation 5-7 compares very well with the pile 

compression of 0.133 inches indicated by strain gauge measurements. 
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Figure 6-17 Pile Compression over Time for SLCIA Site 

6.4.3.5 Presentation of Soil Settlement 

During placement of the fill for the abutment near the test pile, settlement was 

monitored from a settlement plate and occasional surveys.  The settlement history was 

shown in Figure 6-6, with a maximum of 9.66 inches of settlement being recorded.  It 

should be noted that construction activities did interfere with some of the settlement 

monitoring equipment on a few occasions.  Any problems caused by these interferences 
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were resolved.  Settlement analyses performed by RBG based on an embankment/MSE 

wall 27 feet high predicted 18 inches of settlement at the back of the MSE wall and nine 

inches at the face of the wall.  It should be remembered, however, that the final height of 

the wall was changed to reach about 16 feet high.  Using the computed settlements from 

the subsurface investigation report submitted by RBG, contributory settlement from each 

layer was estimated proportionally to obtain a value equal to the measured settlement.  

These settlement values can be found in Table 6-7.  The values in the last column show 

cumulative settlement from the top-down and from the bottom-up in parentheses. 

Table 6-7 Summary of Contributing Settlement for Soil Profile at SLCIA Site 

Elevations of Layer Limits 
Top El. Bottom El. 

Layer 
Thickness 

Type of 
Soil 

Contributing 
Settlement 

Cumulative 
Settlement 

feet feet feet -------- inches inches 
4219 (Ground Surface) -------- -------- 0.0 0 (9.66) 
4219 4215 3.7 GP-GM 0.05 0.05 (9.61) 
4215 4208.5 6.5 CL 2.6 2.65 (7.01) 

4208.5 4203 5.5 SM 0.08 2.73 (6.93) 
4203 4196 7 CL 5.4 8.13 (1.53) 
4196 4190 6 CL 1.2 9.33 (0.33) 
4190 4187.5 2.5 SM 0.03 9.36 (0.3) 

4187.5 4175.5 12 CL 0.3 9.66 (0) 
4175.5 4167.5 8 SM 0.0 9.66 (0) 
4167.5 4165.5 2 CL 0.0 9.66 (0) 
4165.5 4150 15.5+ SM 0.0 9.66 (0.0) 

 

6.4.3.6 Estimating the Location of the Neutral Plane and Magnitude of Loads using 
Fellenius (1989) and Briaud and Tucker (1997) and Comparison to Actual 
Results 

The load vs. depth curves computed by both the Fellenius (1989) and the Briaud 

and Tucker (1997) methods are shown in Figure 6-18.  The ultimate end bearing 

resistance was estimated to be 214 kips using Equation 5-12 with a pile area of 1.07 ft2, a 
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vertical effective stress of about 3990 psf and a value for Nq of 65.  This value for qp was 

limited to 200 kips/ft2 for this pile also.  Using the Fellenius (1989) method with the side 

resistance values in Table 6-5 and Equation 5-6, the location of the neutral plane was 

estimated to be near El. 4168 with a  maximum load of 332 kips.  This corresponds to a 

dragload of about 202 kips. 

The Briaud and Tucker (1997) approach estimated the neutral plane to be near El. 

4189.5 with a maximum load of 248 kips.  This maximum load corresponds to a dragload 

of about 118 kips.   

A comparison of the load vs. depth curves predicted by the two methods relative 

to the measured load in the pile is shown in Figure 6-18.  Both methods overestimated the 

load in the pile relative to the measured value of 185 kips; however, the Briaud and 

Tucker approach only overestimates the measured value by 34% while the Fellenius 

approach overestimates the total load by 79%.  In this case, the overestimate appears to 

be due to (1) the reduction in dragload due to the structural loads after settlement was 

complete, and (2) the overestimate of the depth to the neutral plane.   

From the plot in Figure 6-18 and also the discussion earlier in this chapter, the 

measured neutral plane has always been at El. 4185.  For this site, the Fellenius method 

once again estimated the neutral plane to be below the real location.  In contrast, the 

Briaud and Tucker approach estimated it to be above the real neutral plane.  As indicated 

previously, the Fellenius approach assumes that the end-bearing resistance is fully 

mobilized in computing the neutral plane location which leads to a deeper, more 

conservative value that the Briaud and Tucker approach.  The elevation estimated by the 
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Briaud and Tucker approach is within five feet of the measured value, thus showing a 

relatively good approximation to the actual neutral plane for this pile. 

To do a final check on the location of the neutral plane at this site, a look at the 

calculated pile settlement (compression and settlement) and the soil settlement can be 

taken.  The full plot of both the pile and soil settlement is shown in Figure 6-19 while the 

close up version is shown in Figure 6-20.   

From the plot of the settlement curves, it can be seen that the neutral plane is 

located at about El. 4190.  This is within five feet of the location indicated by the load in 

the gauges, but is almost the same as the location estimated by the Briaud and Tucker 

approach.   

6.4.3.7 Comparison of Undrained Shear Strength and Side Friction 

Similarly to what was shown for the Redwood Road site, a plot with the ranges of 

undrained shear strength is plotted along with the measured unit side resistance in the pile 

as calculated from the gauge readings.  The bounds for this plot are vertical since the 

undrained shear strength at this site did not vary as much with depth within the same 

layer.  This comparison is shown in Figure 6-21.  The measured side resistance in layers 

from the ground surface down to about El. 4208 and from El. 4187 to the bottom of the 

pile agrees well with the laboratory test results.  However, from El. 4208 to El. 4187 the 

measured side resistance is consistently higher than the upper bound of the shear 

strengths found in laboratory testing.  It is not immediately apparent why these known 

why these layers exhibit much higher strengths than it would appear they should based on 

laboratory testing; however, it should be noted that these layers involve soft clays where 

reduced strength due to sampling disturbance could be a potential problem. 
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Figure 6-18 Plot of Load versus Depth for the SLCIA Site Showing Compaison of Estimated Load in 
the Pile from the "Unified Design" Approach by Fellenius (1989) and Briaud and Tucker (1997) 
Method 

Finally, the alpha and beta values have been back-calculated for the cohesive and 

cohesionless soil layers, respectively, and are shown in Table 6-8 relative to the predicted 

values.  Where a range of values is given for beta, it indicates that a strain gauge was 

located near the middle of the layer, thus the shear stress within portions of the layer were 

calculated in two different segments.  It is clear to see in Table 6-8 that the range of alpha 

values for the majority of the cohesive layers using alpha values does not include the 

assumed value of 1.0 used to estimate the side resistance.  This is further verification of 
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the pattern recognized in the plot in Figure 6-21.  The back-calculated beta values are 

generally reasonably close to the values assumed in computing the unit side resistances 

with the exception of the top layer where the back-calculated value is considerably 

higher. 
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Figure 6-19 Settlement of Soil and Pile for SLCIA Site 
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Figure 6-20 Close-up of Soil and Pile Settlement for SLCIA Site 

Table 6-8 Summary of Alpha and Beta Values for Soils Profile at SLCIA Site 

Measured and Estimated alpha (α) Values 
Elevation Ranges of Soil Layer USCS Class Back-calculated α Estimated α 

4215 4208.5 CL 0.65 – 2.2 1.0 
4203 4196 CL 1.1 – 7.2 1.0 
4196 4190 CL 1.4 – 4.4 1.0 

4187.5 4175.5 CL 0.89 – 2.4 1.0 
4167.5 4165.5 CL 0.78 – 1.7 1.0 

Measured and Estimated beta (β) Values 
Elevation Ranges of Soil Layer USCS Class Back-calculated β Estimated β 

4219 4215 GP 2.1 0.61 
4208.5 4203 SM 0.66 – 1.4 0.53 
4190 4187.5 SM 0.76 0.56 

4175.5 4167.5 SM 0.51 0.64 
4165.5 4150 SM 0.39 0.64 
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Figure 6-21 Comparison Plot of Measured Undrained Cohesion or Calculated Side Friction and 
Maximum Measured Shear Stress vs. Depth for SLCIA Site 
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7.0 Summary, Conclusions and Recommendations 

7.1 Summary 

To investigate the behavior of piles supporting bridge abutments which are 

subjected to downdrag produced by approach fills, two test piles were monitored over 

nearly a three year period.  The test piles were instrumented with strain gauges 

immediately after driving and were used to compute the force in the pile as a function of 

depth.  Strain gauge monitoring was performed while the approach fills were constructed 

and ground surface settlements exceeded nine inches at each site.  Monitoring continued 

as the overpass structures were constructed and applied dead load to the abutment piles.  

Finally, monitoring was continued for about 12 to 19 months after the construction of the 

overpasses to evaluate the effect of soil settlement due to secondary consolidation. 

Analysis of the readings from the strain gauges used for this thesis has shown that 

most gauges provided reasonable and consistent data, but they were not immune to 

problems.  Unfortunately, most of the gauges that seem to have problems are located in 

the upper 30 feet of the pile.  This makes accurate explanations of what is occurring near 

the surface somewhat more difficult.  Nevertheless, the available gauges and 

understanding provided by previous research made it possible to construct load versus 

depth profiles.   
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7.2 Conclusions and Recommendations 

Based on the monitoring of soil settlement and the load in the test piles, the 

following conclusions have been developed: 

1. The ultimate pile capacity should not be reduced by the dragload.  Field 

measurements show that as load is applied to the pile head, the negative skin 

friction decreases from the top down and becomes positive skin friction.  At the 

ultimate state, positive skin friction would be developed along the entire length of 

the pile.  This observation is consistent with recommendations made by Fellinius 

(1989). 

2. When structural dead loads were applied to a test pile prior to the completion of 

primary consolidation settlement, the maximum load at the neutral plane 

generally increased by a substantial portion of the increase in structural load 

nearly immediately or shortly after placement.  Continued soil settlement 

apparently allowed additional dragload to develop, despite the axial compression 

produced by the dead load. 

3. When structural dead loads were applied to the test pile after the completion of 

primary consolidation settlement, the maximum load at the neutral plane 

increased by much less than the increase in structural load, and in some cases did 

not immediately increase but did so over time.  This often resulted in a decrease in 

the dragload force.  Soil settlement was apparently insufficient to induce 

additional dragload equal to that produced by the dead load. 

4. Because the consolidation settlement was completed prior to the application of all 

or some of the dead load for both piles, both the Fellenius (1989) and the Briuad 
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and Tucker (1997) methods significantly overestimated the dragload and 

therefore, the maximum load in the pile at the neutral plane relative to the 

measured load profiles at both test sites.  The Fellenius method overestimated the 

maximum load by 68% to 79% while the Briaud and Tucker method 

overestimated the maximum load by 34% to 45%.  However, these approaches are 

designed to produce a conservative estimate of the dragload and the maximum 

pile load, so the error is not necessarily undesireable. 

5. The measured neutral plane was better estimated by the Briaud and Tucker (1997) 

method than by the Fellenius (1989) approach.  Because the Fellenius method  

makes the conservative assumption that the end bearing resistance is fully 

mobilized, it always predicts a deeper neutral plane than the Briaud and Tucker 

approach which iterates to better estimate the end bearing pressure. 

6. Fifteen months after the bridge construction, soil settlement due to secondary 

consolidation had only produced relatively minor increases in dragload in the two 

test piles. 

7. The maximum measured shear stress (either positive or negative) was reasonably 

estimated using the total stress approach (α method) in cohesive soil and the 

effective stress approach (β method) in the cohesionless soil.  However, in some 

cases involving soft clay the back-calculated α value was significantly higher than 

1.0. 

8. The maximum loads in the piles produced by dragload were both substantially 

less than the axial capacity of the piles in both cases and pile head settlement was 

estimated to be less than 0.43 to 0.48 inches for the Redwood Road and SLCIA 
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sites, respectively, despite the dragload.  Therefore, the dragload posed no 

significant threat to the integrity of the piles supporting the bridge abutments. 

9. For future downdrag measurements, soil settlement should be measured at various 

depths along the length of the test pile if at all possible. 
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Figure A-1 Borelog of Boring B-1 Performed by AMEC for Redwood Road Site 
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Figure A-1 Borelog of Boring B-1 Performed by AMEC for Redwood Road Site (continued) 
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Figure A-1 Borelog of Boring B-1 Performed by AMEC for Redwood Road Site (continued) 
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Figure A-1 Borelog of Boring B-1 Performed by AMEC for Redwood Road Site (continued) 
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Figure A-2 Borelog of Boring B-04-1 Performed by RB&G for Redwood Road Site 
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Figure A-3 Borelog of Boring B-04-2 Performed by RB&G for Redwood Road Site 
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Figure A-4 Consolidation Test Results for Samples from AMEC for Redwood Road Site 
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Figure A-5 Borelog of Boring 03-NB-3 Performed by RB&G for SLCIA Site 
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Figure A-5 Borelog of Boring 03-NB-3 Performed by RB&G for SLCIA Site (continued) 
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Figure A-6 Borelog of Boring 03-NB-4 Performed by RB&G for SLCIA Site 
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Figure A-6 Borelog of Boring 03-NB-4 Performed by RB&G for SLCIA Site (continued) 
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Figure A-6 Borelog of Boring 03-NB-4 Performed by RB&G for SLCIA Site (continued) 
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Figure A-7 Borelog of Boring 03-NB-6 Performed by RB&G for SLCIA Site 
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Figure A-8 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-2, 9' - 10.5' 

 

Figure A-9 Log of Time Series Curve for Sample from Boring 03-NB-3, 9' - 10.5', 1.15 to 2.3 Tons 
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Figure A-10 Log of Time Series Curve for Sample from Boring 03-NB-3, 9' - 10.5', 2.3 to 4.6 Tons 

 

Figure A-11 Square Root of Time Series Curve for Sample from Boring 03-NB-3, 9' - 10.5', 1.15 to 
2.3 Tons 

 242



 

Figure A-12 Square Root of Time Series Curve for Sample from Boring 03-NB-3, 9' - 10.5', 2.3 to 4.6 
Tons 

 

Figure A-13 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-2, 21' - 22.5' 
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Figure A-14 Log of Time Series Curve for Sample from Boring 03-NB-3, 21' - 22.5', 1.15 to 2.3 Tons 

 

Figure A-15 Log of Time Series Curve for Sample from Boring 03-NB-3, 21' - 22.5', 2.3 to 4.6 Tons 
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Figure A-16 Square Root of Time Series Curve for Sample from Boring 03-NB-3, 21' - 22.5', 1.15 to 
2.3 Tons 

 

Figure A-17 Square Root of Time Series Curve for Sample from Boring 03-NB-3, 21' - 22.5', 2.3 to 
4.6 Tons 
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Figure A-18 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-3, 3' - 4' 

 

Figure A-19 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-3, 12' - 13.5' 
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Figure A-20 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-4, 93.5' - 95' 

 

Figure A-21 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-5, 3' - 4.5' 
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Figure A-22 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-5, 21' - 22.5' 

 

Figure A-23 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-3, 35' - 36.5' 
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Figure A-24 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-6, 18' - 19.5' 

 

Figure A-25 Log of Time Series Curve for Sample from Boring 03-NB-6, 18' - 19.5', 1.15 to 2.3 Tons 
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Figure A-26 Log of Time Series Curve for Sample from Boring 03-NB-6, 18' - 19.5', 2.3 to 4.6 Tons 

 

Figure A-27 Square Root of Time Series Curve for Sample from Boring 03-NB-6, 18' - 19.5', 1.15 to 
2.3 Tons 
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Figure A-28 Square Root of Time Series Curve for Sample from Boring 03-NB-6, 18' - 19.5', 2.3 to 
4.6 Tons 

 

Figure A-29 Void Ratio vs. Pressure Curve for Consolidation Test from Boring 03-NB-6, 27' - 28.5' 
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Figure A-30 Log of Time Series Curve for Sample from Boring 03-NB-6, 27' - 28.5', 1.15 to 2.3 Tons 

 

Figure A-31 Log of Time Series Curve for Sample from Boring 03-NB-6, 27' - 28.5', 2.3 to 4.6 Tons 
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Figure A-32 Square Root of Time Series Curve for Sample from Boring 03-NB-6, 27' - 28.5', 1.15 to 
2.3 Tons 

 

Figure A-33 Square Root of Time Series Curve for Sample from Boring 03-NB-6, 27' - 28.5', 2.3 to 
4.6 Tons 
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